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This research investigates the triggers and mechanisms of slope failures in fine sand, focusing on both 

drained instability and triggers of undrained instability. It addresses a critical issue in geotechnical 

engineering: ensuring the stability of slopes constructed with brittle soils, such as tailings dams and 

loose fill slopes under varying loading and environmental conditions. Historically, slope stability 

assessments have relied on drained shear strength. However, the introduction of new international 

standards in response to recent failures have underscored the need to consider undrained conditions and 

their role in triggering slope failures. The 2019 Brumadinho tailings dam disaster highlighted the 

uncertainty surrounding failure mechanisms, as different expert panels proposed differing triggers. 

This study investigated a range of triggers that might result in the triggering of undrained slope 

instability through physical modelling in the geotechnical centrifuge, complemented by limit 

equilibrium (LE) and finite element method (FEM) numerical analysis. The triggers investigated 

included drained instability resulting from a rising water table, rapid removal of confinement at the toe 

of the slope, rapid buttress construction against the toe, rapid surcharge loading at the crest of the slope 

and fluid injection into a hydraulically continuous layer associated with borehole drilling. The tests also 

examined the effects of soil density, pore fluid viscosity and soil saturation state on failure mechanisms. 

In this study, slope failure typically occurred when the drained factor of safety approached unity. A 

dense slope subjected to a rising water table exhibited progressive sloughing, gradually propagating 

upwards along the slope, never resulting in catastrophic failure.  Loose slopes experienced rapid, deep 

seated, brittle failures, initiating from drained instability, transitioning to undrained shearing due to the 

rapidity of collapse. Rapid removal of confinement at the toe resulted in similar responses to those 

observed during drained instability, suggesting that the two instability mechanisms (i.e. drained 



instability and loss of confinement) resulted in practically indistinguishable pore pressure and 

deformation responses upon failure.  

The importance of toe stability and saturation was evident. Slopes with unsaturated toes remained stable 

under imposed triggers, whereas near full saturation of the toe was a precursor to failure. It was found 

that even slight disturbance of a near-saturated toe, such as the construction of a buttress, triggered slope 

failure.  

Surcharge loading at the crest led to negligible excess pore pressures due to stress redistribution in 

unsaturated soil overlying the water table and triggered drained instability after a slight pause. Finally, 

raising pore pressures in a hydraulically continuous layer, simulating conditions during drilling with 

water, was shown to be a credible trigger of undrained instability due to localised loss of effective stress 

and hence strength. 

Instances where positive pore pressures were observed during failure, presumed to be indicative of 

undrained conditions, were highly localised to some regions within the saturated sand, with the most 

susceptible region being the saturated toe. Despite the model slopes being prepared in as loose a state 

as possible, negative pore pressure measurements were far more commonly observed upon failure than 

positive responses, suggesting that modelling all materials below the water table as undrained is a very 

conservative approach. 

Numerical back-analyses were conducted using the LE method and the FEM with the NorSand 

constitutive model. LE analyses indicated that slope failures were triggered when the drained factor of 

safety was approximately one. In this study, slope failure could not be triggered by the trigger 

mechanisms modelled, unless the drained factor of safety was one.  

The NorSand FEM models captured pre-failure mechanisms, such as pore pressure responses and stress 

path development. Additionally, the NorSand FEM models were capable of capturing deep-seated 

failures as observed in the centrifuge models.  

It is recommended to analyse the stability of slopes using the drained strength in combination with the 

appropriate pore pressures to cater for partially drained or undrained conditions. The results of this 

study suggest that modelling all material below the water table as undrained is an over-conservative 

approach.  Recommendations are provided for improving slope stability assessment, design and 

management of tailings and other man-made slopes. Future work should focus on refining numerical 

models to better capture post-failure mechanisms. 
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LIST OF SYMBOLS  

Roman symbols 

a  Acceleration 

ὥ   Acceleration, model scale 

ὥ  Acceleration, prototype scale 

ὃ   Model quantity for centrifuge tests 

ὃ   Prototype quantity for centrifuge tests 

ὦ  Intermediate principal stress 

B  Skemptonôs pore pressure parameter 

ὧᴂ  Effective cohesion 

Ὀ  Particle size 

Ὀ  Rate of dilation 

Ὀ   Average particle size 

Ὀ   Distance between point A and point B 

Ὀ   Maximum rate of dilation 

Ὡ  Void ratio 

Ὡ  Initial void ratio 

Ὡ   Void ratio at the critical state for a given mean effective stress 

Ὡ  End of test void ratio 

Ὡ   Maximum void ratio 

Ὡ   Minimum void ratio 

Ὢ  Fines content 

Ὃ  Elastic shear modulus 

Ὃ   Reference elastic shear modulus 

Ὃ  Specific gravity 

Ὤ  Height of a saturated void 



Ὤ  Matric suction 

H  Sum of elevation and hydraulic head 

Ὄ   Base value for plastic hardening modulus 

Ὄ   Plastic hardening modulus that is a function of the state parameter 

Ὥ  Hydraulic gradient 

Ὥ   Hydraulic gradient between point A and point B 

Ὅ  Brittleness index 

Ὧ  Soil permeability 

Ὧ   Model coefficient of permeability 

Ὧ ȟ  Model coefficient of permeability with a viscous fluid 

Ὧ ȟ  Model coefficient of permeability with water 

Ὧ  Prototype coefficient of permeability 

Ὧ  Saturated coefficient of permeability 

ὑ  Geostatic stress ratio 

ὒ  Length 

ὒ   Model dimension 

ὒ  Prototype dimension 

ά  Elastic exponent for shear modulus 

ὲ  Fitting parameter related to the slope at the inflection of the SWRC 

N  Scaling factor for centrifuge tests 

N  Volumetric coupling coefficient for NorSand model 

ὴᴂ  Mean effective stress 

ὴᴂ  Initial mean effective stress 

ὴᴂ  Mean effective stress at the critical state 

ὴᴂ   Mean effective stress at the peak of the effective stress path 

ή  Deviatoric stress 



ή   Deviatoric stress at the critical state 

ή   Maximum deviatoric stress reached during undrained shearing 

ή   Minimum deviatoric stress reached during undrained shearing 

ή   Deviatoric stress at the peak of the effective stress path 

ὶ  Excess pore pressure ratio 

ί   Undrained critical state shear strength 

ί  Peak undrained shear strength 

Ὓ  Area of a saturated void 

Ὓ   Related to the degree of saturation 

Ὕ  Time for dissipation of positive excess pore pressure 

Ὕ ȟ  Time for dissipation of positive excess pore pressure, model scale 

Ὕ ȟ Time for dissipation of positive excess pore pressure, prototype scale 

Ὕ   Time for gravitational falling for a particle at grain scale 

Ὕ ȟ  Time for gravitational falling for a particle at grain scale, model scale 

Ὕ ȟ Time for gravitational falling for a particle at grain scale, prototype scale 

Ὕ  Time for soil movement 

Ὕ ȟ  Time for soil movement, model scale 

Ὕ ȟ Time for soil movement, prototype scale 

Ὕ  Seepage time 

Ὕ ȟ  Seepage time, model scale 

Ὕ ȟ Seepage time, prototype scale 

ό   Pore pressure 

Ўό   Excess pore pressure 

ὺ  Flow velocity 

ὺ   Flow velocity, model scale 



ὺ  Flow velocity, prototype scale 

ὺ  Velocity for soil movement 

ὺ ȟ  Velocity for soil movement, model scale 

ὺ ȟ Velocity for soil movement, prototype scale 

ὠ  Shear wave velocity 

ὡ  Weight of a falling particle 

 

Greek symbols 

‌  Principal stress rotation 

‌  Fitting parameter related to the air-entry value 

‎  Unit weight of the pore fluid at 1 g 

‎   Saturated unit weight 

‎   Unsaturated unit weight 

ῲ  Void ratio of the CSL at a mean effective stress of 1 kPa 

‐  Axial strain 

‐  Shear strain 

‐  Volumetric strain 

–  Stress ratio 

—  Volumetric water content 

—  Residual volumetric water content 

—  Saturated volumetric water content 

‗  Slope of the critical state line in the Ὡ ÌÎὴᴂ space 

ὓ  Slope of the critical state line in the ή ὴᴂ plane 

ὓ   Slope of the instability line in the ή ὴᴂ plane 

‘   Viscosity of fluid 

‘   Viscosity of water 



’  Poissonôs ratio 

”  Dry density 

„  Total stress 

Ў„  Change in total stress 

„  Horizontal total stress 

„  Vertical total stress 

„ᴂ  Horizontal effective stress 

„ᴂ  Vertical effective stress 

„ᴂ   Initial vertical effective stress 

 ᴂ  Critical state friction angle 

 ᴂ  Friction angle related to the instability line 

 ᴂ  Mobilised friction angle 

‪  State parameter 

‪   Initial state parameter 

‪   Maximum state parameter 

…   State dilatancy parameter 

ABBREVIATIONS  

AEV  Air entry value 

CDG  Completely decomposed granite 

CID  Isotropically consolidated drained triaxial compression test 

CIU  Isotropically consolidated undrained triaxial compression test 

CPT  Cone penetrometer test 

CSD  Constant shear drained effective stress path 

CSL  Critical state line 

CSSM  Critical state soil mechanics 

DEM  Discrete element method 



DP  Dry pluviation 

DSLR  Digital single-lens reflex 

FEM  Finite element method 

FoS  Factor of safety 

GISTM  Global Industry Standard on Tailings Management 

GWC  Gravimetric water content 

IL   Instability line 

LE  Limit equilibrium 

LPI  Liquefaction potential index 

LSR  Liquefied strength ratio 

LVDT  Linear variable differential transformer 

MT  Moist tamped 

NCL  Normal consolidation line 

PIV  Particle image velocimetry 

PPT  Pore pressure transducer 

PS  Prototype scale 

PSD  Particle size distribution 

SD  Slurry deposition 

SHANSEP Stress History and Normalised Engineering Properties 

SWRC  Soil water retention curve 

WP  Wet pluviation 

YSR  Yield strength ratio 
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1. INTRODUCTION 

1.1. BACKGROUND  

The mining industry is one of the largest global producers of solid and liquid waste, primarily 

in the form of tailings. Historically, high-grade ore was mined to yield large mineral quantities, 

but with industrialisation and market globalisation, lower-grade ores have become increasingly 

exploited. This trend, coupled with declining ore quality, has led to a surge in tailings 

production, necessitating the construction of large storage facilities, known as tailings dams. 

Due to common construction methods, tailings dams often contain brittle soils that are prone to 

failure (Lebitsa, 2016). Despite the well-documented risks, tailings dam failures continue to 

occur at an alarming rate. Azam & Li (2010) observed that approximately one in one hundred 

tailings dams will experience a significant failure, with severe environmental, economic and 

social consequences. The catastrophic Brumadinho disaster, for example, released an estimated 

12 million m³ of iron tailings downstream (Fig. 1-1), resulting in 270 fatalities (Robertson et 

al., 2019). These failures are often linked to undrained conditions, where tailings may undergo 

strain-softening, resulting in long run-out distances and rapid flow, commonly attributed to 

static liquefaction. 

 

Figure 1-1: Collapsed Brumadinho tailings dam (Petley, 2019). 

Similar liquefaction-type failures have been documented in conventional loose fill slopes, such 

as those in Hong Kong. Although considerably smaller than tailings dams, these geotechnical 

structures can still cause catastrophic damage. In 1972, two landslides, the Po Shan and Sau 

Mau Ping events, led to a combined 138 fatalities (Fig. 1-2; Ho et al., 2015). This studyôs 

findings, while centred on tailings dams, are applicable to all loosely constructed, manmade 

slopes. 
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Figure 1-2: (a) 1972 Po Shan landslides (67 fatalities); (b) Sau Mau Ping landslide (71 

fatalities) (adapted from Ho et al., 2015). 

Regardless of the scale, ensuring the stability of these structures is critically important. 

Unfortunately, triggers of slope failures are often inferred from post-failure analyses and 

eyewitness accounts, as few are documented in real-time. This limited direct evidence leaves 

critical gaps in understanding and emphasises the need for research into the specific triggers of 

these failures. 

In response to recent high-profile incidents, tailings management has seen new standards 

emerge, such as the Global Industry Standard on Tailings Management (GISTM) (ICMM, 
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2020). Many of these standards prioritise conservative design to mitigate risk. However, there 

remains a need to refine these approaches to balance safety with economic feasibility. 

1.2. OBJECTIVES OF THE STUDY  

This study investigates potential triggers, under both drained and undrained loading conditions, 

of sand slope failures and their associated failure mechanisms. By analysing the factors 

contributing to these failures, such as density, pore fluid viscosity and loading conditions, the 

research aims to improve modelling techniques and provide design guidance for slopes under 

various drainage and loading conditions. The specific objectives are: 

¶ Identify credible triggers of slopes failures using the limit equilibrium (LE) method. 

¶ Model the identified credible triggers using the geotechnical centrifuge and analyse the impact 

of soil density on slope failure mechanisms. 

¶ Assess the appropriateness and limitations of the LE and finite element methods (FEM) for 

numerical back-analyses of slope failures. 

¶ Evaluate the conservatism associated with using undrained shear strength in slope stability 

assessments. 

1.3. SCOPE OF THE STUDY 

The objective of this study is to investigate potential triggers for slopes failures through a 

combination of element testing, centrifuge modelling and numerical modelling. The scope of 

the work includes: 

¶ Element testing: Conducted on the material used in the study to quantify key parameters and 

investigate material brittleness, focusing on: 

o Critical state parameters 

o Stiffness parameters 

o The permeability of the soil 

o The soil water retention properties of the soil 

¶ Centrifuge and numerical modelling: A series of centrifuge tests and numerical analyses were 

performed to investigate various slope instability triggers, including: 

o The impact of soil density on sand slope failure mechanisms under a rising water table. 

o The effect of pore fluid viscosity on failure mechanisms. 

o Slope response to a loss of confinement at the toe. 

o Response to rapid buttress construction at the toe. 

o Slope behaviour under rapid surcharge loading at the crest. 

o Slope response during borehole drilling, specifically fluid injection into a hydraulically 

continuous layer. 
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¶ Additional numerical analyses evaluated the conservatism in using undrained and liquefied 

strengths for slope stability assessment.  

The limitations of this study are: 

This study focuses on the instability behaviour of loose, contractive sand slopes, representing 

tailings dams and loose fill slopes. The models do not attempt to simulate the full structural 

composition of upstream or downstream raised dams, nor the behaviour of rockfill or fine-

grained tailings layers. Instead, the aim is to isolate and understand the fundamental 

mechanisms of triggering instability, such as liquefaction and drained instability. The findings 

are therefore most applicable to tailings facilities with loose, saturated sand deposits and are 

intended to support broader understanding of critical state behaviour and instability triggers of 

man-made slopes. Specific limitations are: 

¶ This study used a fine silica sand as the only test material. 

¶ Only homogenous slopes were considered. 

¶ Most models were constructed using the moist tamping method, which is more representative 

of soil fabric found in fill slopes than tailings dams. This method was chosen to create a brittle 

fabric. 

¶ Numerical analyses were limited to a single software package each for the LE and FEM 

analyses, as well as one constitutive model. 

1.4. METHODOLOGY  

Firstly, the material used in this study was thoroughly characterised using a series of element 

tests. This was done to identify a material that is highly susceptible to static liquefaction under 

the correct conditions (i.e. contractive state, nearly or fully saturated and subjected to a trigger). 

A series of preliminary limit equilibrium analyses were conducted to establish credible triggers 

for slope failures and to identify when the drained factor of safety approached one. Following 

these analyses, the centrifuge tests were conducted to investigate the respective triggers. Upon 

successful completion of each centrifuge test, two additional back-analyses (one LE and one 

FEM) were conducted using calibrated constitutive models. 

1.5. ORGANISATION OF THE REPORT  

This thesis is presented in seven chapters as described below: 

¶ Chapter 1 provides background information and introduces the report. The chapter includes the 

objectives, scope and layout of the thesis. 
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¶ Chapter 2 reviews current knowledge on critical state soil mechanics, instability and 

liquefaction. It also discusses the characteristics of tailings dams, recent case studies of relevant 

tailings dam failures and physical and numerical modelling techniques of slope failures. 

¶ Chapter 3 describes the properties of the fine silica sand used in this study, including its 

behaviour under undrained shearing. 

¶ Chapter 4 details nine centrifuge tests conducted in this study, covering test design, construction 

methods, equipment used and testing procedures. 

¶ Chapter 5 discusses the numerical analyses and modelling procedures used in this research. 

This includes preliminary and back-analysis LE analyses of the centrifuge tests, the calibration 

of a complex constitutive model and FEM back-analyses. 

¶ Chapter 6 presents and discusses the results of all the numerical analyses and centrifuge tests.  

¶ Chapter 7 summarises the research findings and offers recommendations for future research, 

along with practical recommendations for industry.  

¶ Appendix A further details the instrumentation and equipment used. 
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2. LITERATURE REVIEW 

2.1. INTRODUCTION  

Slope instability in granular materials, particularly in the context of tailings dams and loose fill 

slopes, remains a significant challenge in geotechnical engineering. Failures in these structures 

often lead to catastrophic consequences, including loss of life, environmental damage, and 

substantial economic costs. The complexity of predicting and preventing such failures stems 

from the interaction of multiple factors, including soil behaviour under varying densities and 

drainage conditions, slope construction methods, and triggering mechanisms. Despite advances 

in research, recent high-profile incidents, such as the Brumadinho tailings dam failure in 2019, 

highlight the ongoing need for a comprehensive understanding of instability mechanisms and 

credible failure triggers. 

This chapter introduces tailings dams, which as a specific category of engineered slopes, are 

examined to contextualise challenges associated with their design, construction and 

management. Case studies of notable failures are presented to illustrate the variety of failure 

mechanisms observed and the consequences of inadequate stability assessment. Recent failures 

have necessitated the need for investigating triggers of undrained instability, which necessitate 

the need for more sophisticated models, which are often based on critical state soil mechanics. 

Following tailings dams, a detailed review of the current state of knowledge on critical topics 

related to slope stability and failure mechanisms is discussed. The discussion begins with an 

overview of critical state soil mechanics, a foundational framework for understanding the 

behaviour of granular materials in terms of both stress and density. The focus then shifts to 

instability and liquefaction phenomena, exploring the conditions under which loose soils 

exhibit contractive behaviour and a loss of shear strength in a critical state framework. 

Furthermore, this literature review evaluates existing physical and numerical modelling 

approaches used to model slope instability, highlighting their strengths, limitations, and 

relevance to the objectives of this research. 

By analysing findings from the literature, this chapter identifies key gaps in understanding the 

triggers of slope failures under drained and undrained conditions. These insights form the basis 

for the experimental and numerical investigations undertaken in this study, which aim to refine 

slope stability assessment methodologies and contribute to safer and more efficient 

geotechnical practices. 
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2.2. TAILINGS DAMS  

Mining operations generate large volumes of waste material as a byproduct of the extraction 

and processing of ore. Once ore is mined, it undergoes a milling or beneficiation process to 

extract valuable minerals. This process involves crushing, grinding and chemical treatment, 

which produces a fine-grained, slurry-like waste known as tailings. Tailings typically consist 

of finely ground rock, residual process water and, in some cases, chemical reagents used during 

mineral separation. Depending on the ore type and processing method, only a small fraction of 

the extracted material becomes marketable product, while the remainder is discharged as 

tailings onto tailings dams. 

Tailings dams are crucial structures within the global mining industry, designed to contain and 

manage tailings. Given the inherent risks associated with these structures, effective engineering 

and environmental management are essential. The rising demand for minerals, especially those 

critical to modern technological applications, is driving the need for more and larger tailings 

dams, heightening the risks they present. 

Critical minerals, such as lithium, cobalt, nickel, and rare earth elements, are essential for 

renewable energy technologies, powering applications from electric vehicle batteries to wind 

and solar energy facilities. As the world shifts from fossil fuels to renewable energy, the demand 

for these minerals has caused global exploration and mining, necessitating the expansion of 

tailings storage facilities to manage increased volumes of waste. 

South Africa plays a prominent role in the global mining sector, with its vast and diverse 

mineral resources making it one of the worldôs leading producers of platinum group metals, 

gold, chromium, and manganese (Robinson, 2016). These resources have been pivotal in 

driving the countryôs economic growth and industrialisation. South Africaôs contribution to the 

global supply chain is especially critical for platinum group metals, essential in automotive 

catalytic converters and emerging green technologies like hydrogen fuel cells. The countryôs 

abundant resources thus contribute significantly to both the global economy and the transition 

to sustainable energy solutions. 

Unfortunately tailings dams have come under scrutiny in recent decades due to high-profile 

failures worldwide, which have caused severe environmental, economic, and social losses (see 

Fig. 1-1). The stability of tailings dams is a critical concern in geotechnical engineering, given 

the catastrophic consequences of their failure. Tailings dams differ from natural slopes and 

conventional earth embankments due to their unique construction methods, material properties, 

and operational requirements. These structures are constructed using mine waste, which 
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typically exhibits contractive and brittle behaviour under stress, making them particularly 

susceptible to instability.  

Tailings dams present a complex engineering challenge because their stability is governed by 

both drained and undrained conditions, often influenced by external triggers such as rising 

water tables, loss of confinement, or dynamic loading. Recent failures, including high-profile 

incidents like the Brumadinho disaster, have demonstrated that the failure mechanisms in 

tailings dams are often poorly understood, with uncertainty surrounding the triggering events. 

This highlights the importance of studying the unique behaviour of tailings dams within the 

broader framework of slope stability. 

This section reviews the characteristics, construction methods, and failure mechanisms 

associated with tailings dams. By examining case studies and research on these structures, it 

establishes a foundation for understanding their vulnerability to instability and the relevance of 

integrating drained and undrained conditions into their stability assessments. This discussion 

connects directly to the experimental and numerical modelling approaches presented later in 

the chapter, which aim to address gaps in current knowledge and improve the predictive 

accuracy of slope stability models for tailings dams. 

2.2.1. Characteristics of tailings dams 

Tailings dams, commonly constructed as raised embankments, are essential to the mining 

industry. These dams are typically staged and raised progressively throughout their operational 

life (Priscu, 1999). They are often situated in natural depressions, valleys, or large open areas, 

where tailings are deposited as a slurry. When managed effectively, this slurry is allowed to 

settle, consolidate and desiccate before subsequent lifts are placed. The construction and life 

cycle of tailings dams generally follow three main stages: 

1. Initial construction: An initial starter dike is built to create a primary containment area 

and central pond. 

2. Operational staging: Additional embankments are progressively raised as mining 

continues until the structure reaches its design height or mining ceases. 

3. Closure and reclamation: The site undergoes closure, with efforts focused on 

stabilisation and environmental reclamation. 

Tailings dams are typically constructed using one of three methods: upstream, centreline, or 

downstream. These methods differ in how the dam is raised over time to accommodate 

additional tailings storage. In the upstream method (see Fig. 2-1(a)), each new raise is built on 

top of previously deposited tailings, making it the most cost-effective but also the most 



2-4 

vulnerable to instability, especially if the tailings remain saturated or are poorly consolidated. 

The centreline method (see Fig. 2-1(b)) involves raising the dam vertically from the original 

starter dam, with fill placed partly on the upstream tailings and partly on the downstream shell. 

This method offers greater stability than upstream construction. The downstream method (see 

Fig. 2-1(c)) involves progressively raising the dam outward and downstream, placing new fill 

entirely on engineered fill or consolidated ground. This approach is the most stable and robust 

but also the most expensive and land-intensive. The choice of construction method has 

significant implications for the damôs stability, particularly under changing hydraulic or loading 

conditions. 

 

Figure 2-1: Schematic diagram of (a) upstream; (b) centreline; (c) downstream tailings 

dams 

According to Blight (2010), the outer wall or impounding dike is the most critical part of a 

tailings dam, as it contains the saturated tailings in its interior (Fig. 2-2). This dike must be 

designed to withstand hydraulic pressures from the stored tailings and water, as well as resist 

external forces such as seepage, erosion and gravitational and shear stresses. It is typically 

constructed from earth fill, rockfill, or tailings and are some of the largest earth structures that 

geotechnical engineers construct. Due to the immense volumes involved, tailings dams rank 

among the largest man-made structures, with embankments built at slope angles that balance 

stability and capacity. While slope angles of 1:2 to 1:3 (vertical to horizontal) are often used 

for stability, some tailings dams are built at steeper angles (34°ï39°) to maximise storage 

capacity, which is significantly steeper than other engineered or natural slopes (Blight, 2010). 

Upstream

Centreline

Downstream

(a)

(b)

(c)
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Figure 2-2: Schematic diagram of the impounding dike of a tailings dam containing the 

saturated tailings within. 

Unlike conventional earth fill dams, which are fully constructed before operation, tailings dams 

are incrementally raised throughout their life, often at rates of 2ï3 meters per year (Chamber 

of Mines of South Africa, 1996). This continuous construction affects the seepage patterns and 

the phreatic surface within the dam, creating conditions distinct from conventional earth fill 

dams. 

Tailings dams are constructed using various methods tailored to the material properties of the 

tailings, site conditions and operational requirements. Hydraulic deposition involves pumping 

tailings as a slurry and allowing them to settle naturally, with the coarser particles forming the 

dam and finer particles settling in the pond. Paddocking involves creating small, interconnected 

paddocks or compartments within the dam to control tailings deposition and improve drainage. 

Spigotting is a widely used technique where slurry is discharged from multiple outlets (spigots) 

along the dam crest, creating layers of deposited material. This allows for better segregation of 

particles, with coarser fractions forming a stable dam wall and finer fractions settling in the 

pond. Cycloning is another method used to enhance particle segregation by employing a 

cyclone to separate coarser particles from fines before deposition. The coarse material is placed 

on the dam wall for structural stability, while fines are directed to the tailings pond. These 

methods are often combined and adapted to optimise dam stability, control seepage and manage 

tailings disposal efficiently. Each method requires careful monitoring and design to ensure 

safety and environmental compliance. 

The hydraulic deposition method leads to unique layering within the dam (Fig. 2-3). Fine 

particles (silts and clays) and coarser particles (sands) tend to segregate based on particle size 

and density, forming distinct strata with varying compositions and properties (Vermeulen, 

2001). These layers consolidate over time as excess water is drained or evaporates, leading to 

differential settlement and thus different gradings. For example, gold tailings are often 

classified as sandy silts or silty sands, with fines content ranging from 8% to 95% (Reid et al., 

2021; Vermeulen, 2001). The plastic and liquid limits of gold tailings, when fines are sufficient, 

Impounding 

dike

Saturated

tailings
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vary from 22% to 39% and 23% to 56%, respectively, with a plasticity index typically between 

1% and 17% (Lebitsa, 2016). Such variations in the properties are also present in other types 

of tailings. 

 

Figure 2-3: A core sample of tailings demonstrating the layering found in tailings dams 

(Jacobsz & Narainsamy, 2022). 

To improve the stability and environmental performance of tailings storage facilities, mining 

operations are increasingly turning to dewatered tailings technologies. These involve removing 

a portion of the water from the tailings slurry before deposition, resulting in higher solids 

content and reduced water demand. Thickened tailings are produced by increasing the solids 

content to 40ï65% using thickeners. Thickened tailings flow under gravity and can be deposited 

with gentle slopes. Paste tailings have even higher solids content (typically >65%) and exhibit 

a yield stress, meaning it does not segregate or bleed water after deposition. Filtered tailings, 

also referred to as dry-stack tailings, are dewatered to the extent that they can be transported 

and placed as a moist, unsaturated soil-like material, typically with solids contents exceeding 

80%. These technologies reduce the risk of catastrophic failure by minimising the presence of 

free water and enabling deposition with steeper slopes, although it requires greater capital and 

operational investment. The geotechnical behaviour of dewatered tailings differs significantly 

from conventional tailings and must be carefully considered in design. For the purposes of this 

study, focus will be placed on the properties of hydraulically placed tailings. 

The properties of tailings, such as density, permeability and strength, are influenced by particle 

arrangement and compaction. In situ dry densities generally range from 1250 to 1650 kg/m³, 
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with an assumed design density of 1450 kg/m³ (Blight, 2010). However, uniform density 

assumptions may be misleading. For instance, in situ void ratios for a South African platinum 

tailings dam measured by Blight (2010) varied between 0.57 to 1.26 (see Fig. 2-4). This 

variability indicates that tailings are often in a loose state (discussed in Section 2.3), making 

them potentially prone to instability and liquefaction. 

 

Figure 2-4: Measured in situ void ratios of samples obtained from a platinum tailings dam 

(modified from Blight, 2010). 

2.2.2. Case studies of tailings dam failures 

Tailings dams are widely understood to experience at least some form of structural or 

operational failure over their lifetimes (Smith, 1972; Vermeulen, 2001). These failures range 

from minor issues, such as slight design deviations that can be corrected, to severe runout events 

(see Fig. 1-1). Although minor failures often go unreported, larger incidents can trigger 

cascading effects, resulting in the collapse of large sections of the structure and causing 

significant environmental, economic and human loss. 

Common causes of distress in tailings dams include improper management of the phreatic 

surface and insufficient freeboard, which can exacerbate seepage issues and internal erosion 

(Vermeulen, 2001). Lyu et al. (2019) further support this, identifying seepage, internal erosion, 

foundation failures, overtopping and seismic-induced instability as primary failure 

mechanisms. Often, these incidents arise from a combination of factors, as shown by 

Vermeulen (2001), Davies (2002) and Lyu et al. (2019), which can be categorised into six major 

failure types: 

1. Hydraulic failures: When the damôs capacity to manage and contain water is exceeded 

due to factors like excessive rainfall, rapid snowmelt, or overtopping from inadequate 

freeboard. 
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2. Structural failures: Arising from compromised dam integrity, leading to embankment 

deformation or collapse. Causes include foundation instability, seepage-induced 

piping, erosion, or construction deficiencies that create weak zones within the structure. 

3. Design deficiencies: Covering inadequate slope stability analyses, poor foundation 

assessments, insufficient freeboard and lack of seismic considerations, all of which 

weaken dam resilience. 

4. Operational errors: Poor practices such as inadequate maintenance or monitoring may 

worsen structural vulnerabilities and elevate failure risk. 

5. Environmental factors: External conditions like seismic events, extreme weather and 

changes in groundwater levels can destabilise dams and increase the likelihood of 

failure. 

6. Human factors: Issues in training, communication, or organisational culture that affect 

decision-making can contribute significantly to dam failure risks. 

More recently, Fourie (2024) discussed three idealised effective stress paths that often occur in 

tailings dams that can trigger instability (Fig. 2-5). The first common stress path is what occurs 

during a rising water table, where a soil element experiences a constant shear drained (CSD) 

stress path. Here, the shear stress remains constant whilst the effective stress is reduced due to 

the rising water table (discussed further in Section 2.3.5). 

 

Figure 2-5: Three idealised effective stress paths common in triggering instability 

(adopted from Fourie, 2024). 

CSL

Instability

line

D
e

v
ia

to
ri

c
 s

tr
e

s
s
, 
q

Mean effective stress, pô

Initial stress state

Rapid surcharge 

loading

Lateral/basal 

extrusion

Rising water table



2-9 

The second stress path is rapid loading, which quickly increases the vertical effective stress, 

increasing the shear stress in the soil, moving the stress state vertically toward the onset of 

instability (instability line; discussed in Section 2.3.5). The Pinto Valley tailings dam failure is 

an example of where too rapid loading caused a failure to occur (Adams et al., 2018). Waste 

rock was deposited in 17 m lifts on the tailings surface, which rapidly increased the pore 

pressures and shear stress in the tailings, triggering failure. 

The final stress path is a lateral or basal extrusion stress path. Deformation or loss of 

confinement causes the horizontal effective stress (or minor principal effective stress) to reduce, 

whilst the vertical effective stress (or major principal effective stress) remains unchanged. This 

causes the mean effective stress to reduce, while the shear stress increases, leading to instability. 

This is similar to what occurred in the Merriespruit tailings dam failure, where a loss of 

confinement at the toe triggered failure (discussed below). 

Understanding the root causes and outcomes of past failures is critical for enhancing dam 

management practices and preventing future incidents. The following sections explore several 

high-profile cases of tailings dam failures from recent decades. 

2.2.2.1 Merriespruit tailings dam failure, 1994 

On 22 February 1994, a 31 m high tailings dam embankment near Merriespruit, South Africa, 

experienced a catastrophic failure. That evening, during an intense rainstorm, approximately 

55 mm of rainfall occurred within a 30 minute period. A few hours after the rainfall, the 

impounding dike breached, releasing around 600 000 m³ of liquefied tailings. This surge of 

tailings flooded the town situated just 300 m downstream, ultimately flowing 4 km further. 

When the liquefied tailings reached the first row of buildings, they were approximately 2.5 m 

deep. The event resulted in devastating property and environmental damage, along with the loss 

of 17 lives. 

In the years leading up to the breach, signs of distress had been observed on the side of the 

tailings dam that eventually failed. Persistent seepage and sloughing at the toe indicated 

underlying stability issues (Blight, 2010). Efforts to halt further tailings deposition did not 

resolve these issues and minor slip failures continued to occur, with repairs attempted using dry 

tailings. Despite warnings about potential instability, excess water from the treatment plant was 

illicitly deposited on the structure, which further reduced its freeboard. This water accumulated 

toward the section of the dam that later failed, increasing the saturation level near the 

impounding dike. 
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As noted by Papageorgiou (2004), the global factor of safety (FoS) was estimated to be 1.23 

using a friction angle and cohesion of 35° and 2 kPa, respectively. However, owing to the 

continuous sloughing and seepage, paired with the illicit deposition of water, it was noted that 

localised stability at the toe was marginal (i.e. FoS slightly above one).  

On the night of the failure, heavy rainfall raised the water level within the dam and the reduced 

freeboard allowed water to overtop the embankment. This overtopping initiated erosion of the 

dam wall, increasing shear stress at the toe and triggering undrained shearing conditions (see 

lateral/basal extrusion in Fig. 2-5). As shearing progressed, excess pore pressures developed, 

leading to a reduction in shear strength and rapid destabilisation of the structure. Ultimately, 

these conditions led to a liquefaction failure of the impounding dike. Following the initial 

failure, a series of subsequent slip failures were triggered in a domino effect. Fig. 2-6 illustrates 

the sequence of events, as described by Wagener et al. (1998), that culminated in the 

Merriespruit tailings dam disaster. 

 

Figure 2-6: Sequence of retrogressive failures of the Merriespruit tailings dam failure (a) 

Critical section of impounding dike during early stages of the failure; (b) Critical section 

of the wall during failure (modified from Wagener, 1997). 

2.2.2.2 Mount Polley tailings dam failure, 2014 

The Mount Polley tailings dam failed on 4 August 2014, in British Columbia, Canada. The dam 

primarily consisted of tailings from the processing of copper and gold ore. The damôs 

1. Berm overtops after rainfall.

2. Loose tailings infill to the earlier failures on the lower slope.

3. Tailings buttress starts to fail.

4. Water from the pool overtops the impounding dike, eroding the slope and buttress.

5. The unstable lower slope fails and the liquefied material flows downstream.

1. The lower slope fails and is washed away.

2. Retrogressive slip failures are triggered and the material is washed away.

3. Major slope failure occurs with a massive volume of liquefied tailings flowing 

downstream.

(a)

(b)
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foundation consisted of glacial till deposits with highly variable strength and composition. 

These glacial till layers went undetected during the design of the dam. The panel responsible 

for the failure report (Morgenstern et al., 2015) found these layers to be susceptible to strength 

changes under sustained loading.  

In the original design, the foundation was characterised as stiff and overconsolidated (Fig. 2-7) 

and these assumptions guided the strength parameters used in stability assessments 

(Morgenstern et al., 2015). However, as the glacial till went undetected, the glacial till began 

to transition to a normally consolidated state as construction progressed and loading increased. 

This shift necessitated undrained shear strength parameters for accurate stability evaluation, a 

factor overlooked in the design. This change critically affected the weaker glacial till layer, 

resulting in excessive settlement, which ultimately led to overtopping of the dam wall, where 

the breach ultimately developed. 

 

Figure 2-7: Pre-failure cross section of the Mount Polley tailings dam (modified from 

Zabolotnii et al., 2022). 

The breach extended along a 150 m section of the containment embankment. Both the 

Morgenstern et al. (2015) and Klohn Crippen Berger (2015) investigations concluded that a 

foundation failure triggered a rotational-translational movement, which resulted in the 

embankment crest dropping by at least 3.3 m, surpassing the 2.3 m of available freeboard and 

leading to overtopping. Fig. 2-8 illustrates the undrained deformation analysis, showing the 

significant displacement that allowed overtopping and initiated the breach.  

Initially overconsolidated till
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Figure 2-8: Finite element deformation analysis of the Mount Polley tailings dam failure 

(modified from Morgenstern et al., 2015). 

Three-dimensional deformation analyses by Zabolotnii et al. (2022) further indicated that the 

embankment failure was progressive. It was suggested that initial strains in the glacial till 

foundation began accumulating as early as 2011 and accelerated by the rapid tailings deposition 

in 2014, triggering the undrained mobilisation of shear. This loading triggered undrained strain-

softening in the glacial till, leading to failure either through extension or a loss of confinement 

(Fig. 2-5). This progressive failure, coupled with rapid loading, culminated in the damôs 

catastrophic breach.  

2.2.2.3 Fundão tailings dam failure, 2015 

The Fundão Dam failure in Brazil in 2015 stands as one of the most environmentally 

catastrophic tailings dam collapses in recent memory. Located near the town of Mariana in 

Minas Gerais, Brazil, the dam breached on 5 November 2015, releasing approximately 32 

million m3 of tailings and water ï about 61% of its contents (Do Carmo et al., 2017). This 

release unleashed a devastating mudflow that travelled downstream, destroying villages, 

infrastructure and natural habitats. The mudflow extended from the Doce River Basin to the 

Atlantic Ocean, contaminating nearly 700 km of watercourses and tragically causing 19 

fatalities. 

According to the official investigation by Morgenstern et al. (2016), three seismic events 

(magnitudes between 1.8 ï 2.6) were recorded at approximately 14:15 on the day of the breach, 

but the embankment showed no immediate signs of distress and operations continued. 
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However, by around 15:45, a failure occurred at the damôs left abutment, which triggered a 

rapid breach and a subsequent large-scale debris flow. 

Signs of distress had previously been observed in the left abutment, including seepage and 

internal piping. To address these issues, the damôs containment embankment was modified and 

set further back, reducing its slope for additional stability. However, this design adjustment led 

to an unintended consequence: the dam was constructed over a section containing fine tailings, 

or ñslimesò. As illustrated in Fig. 2-9, the fine tailings had encroached into the portion of the 

dam typically reserved for coarser tailings (closer to the face of the dam), an outcome of the 

revised design. This caused the dam wall to be constructed on top of the softer, weaker slimes. 

 

Figure 2-9: Distribution of slimes at the left abutment of the Fundão dam (Morgenstern 

et al., 2016). 
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Slimes are generally confined within the damôs interior, away from the containment 

embankment, due to their lower strength and reduced permeability compared to coarse tailings. 

The modification at Fundão introduced two critical issues: 

1. Structural weakness: The slimesô inherent low strength introduced a potential 

instability zone within the embankment. 

2. Drainage obstruction: With lower permeability, the slimes impeded downward 

drainage, increasing saturation in the material above and reducing overall embankment 

stability. 

The step in the embankment configuration subjected the underlying slimes to rapid loading. 

Under these conditions, the weak and saturated slimes underwent lateral extrusion (Fig. 2-5), 

pushing outward from beneath the coarser tailings. This lateral movement caused a loss of 

confinement in the overlying coarse material, triggering undrained shearing and ultimately 

resulting in a large-scale failure of the slope. 

2.2.2.4 Brumadinho tailing dam failure, 2019 

The Brumadinho tailings dam collapse on 25 January 2019 marked arguably one of the most 

devastating tailings dam failures on record. Like the Fundão dam failure, this disaster also took 

place in Brazilôs Minas Gerais state. According to Robertson et al. (2019), nearly the entire 

embankment face collapsed within 10 seconds, releasing approximately 9.7 million m3 of 

liquefied tailings in just five minutes. The material surged downstream in a wave approximately 

10 m high, traveling nearly 10 km and engulfing much of the surrounding area (Fig. 1-1). 

Although the volume of tailings released was significantly less than the Fundão failure, 

Brumadinhoôs impact was far more severe in terms of human loss, with 259 confirmed deaths 

and 11 people reported missing. 

Following the expert report by Robertson et al. (2019), several key findings were highlighted, 

which are summarised below. Before the collapse, the dam was deemed stable and there were 

no visible signs of distress. It was reported that tailings deposition had ceased approximately 

2.5 years before the failure, no large-scale operations were ongoing and the drainage system 

had been upgraded. During this time, excess ponding water on the damôs surface was also 

drained and piezometer readings showed a gradual reduction in the phreatic surface. 

Instruments such as inclinometers and a ground-based radar system showed no significant 

deformations preceding the collapse. Satellite data indicated a minor downstream deformation 

at a rate of 36 mm/year, which was considered within normal long-term settlement ranges for 

tailings dams. 
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Robertson et al. (2019) found that the tailings had a high iron content, resulting in a unit weight 

of 26 kN/m³. Historical cone penetrometer test (CPT) results suggested that the tailings had 

weak and brittle layers, which could cause instability. Post-failure testing indicated the presence 

of cementation between particles, which can explain the unusually high in-situ vane shear 

provided by Robertson et al. (2019). 

Numerical analyses by Robertson et al. (2019) indicated that the high unit weight and steep 

slope (2H:1V) of the dam created substantial shear stresses within the tailings. It was proposed 

that rainfall events reduced the suction in the slope, reducing the available shear strength. 

Additionally, the analyses indicated that these stresses gradually accumulated strain over time, 

consistent with the creep behaviour observed in element tests. Eventually, this strain 

accumulation led to the breakdown of cementation, resulting in a sudden, brittle loss of shear 

strength, known as ñcreep ruptureò (Fig. 2-10). This rapid strength loss triggered the failure of 

the slope. 

 

Figure 2-10: Schematic comparison between soil that has a contractive tendency either 

with or without bonding (adopted from Robertson et al., 2019). 

In 2021, a second expert report by CIMNE (2021) came to dramatically different conclusions 

as to the causes of the Brumadinho failure. In contrast to what was stated by Robertson et al. 

(2019), the report highlighted that i) there was no evidence of cementation in the tailings, ii) that 

the observed creep was not sufficient to cause failure on its own and iii) that a reduction in 

suction played no role in the failure of the facility. Instead, CIMNE (2021) proposed that 

percussion drilling ï occurring at the time of the collapse ï might have reached a hydraulically 

continuous, liquefiable layer within the dam. The hydraulically continuous layer was a 

continuous, coarse layer with a high permeability. During drilling, water was injected into this 

layer, increasing the pore pressure by several hundred kilopascal, potentially initiating a 

localised failure, which triggered a larger, global collapse. The analyses simulated multiple 

cross sections with liquefiable, hydraulically continuous layers (Fig. 2-11). When these layers 
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liquefied in the numerical model, a global failure was not induced, except for one cross section 

(Fig. 2-12). While the analyses did not confirm this as the definitive trigger, the results 

demonstrated that it was a plausible alternative to the creep rupture hypothesis of 

Robertson et al. (2019). It was stated that the percussion drilling with water was the most likely 

trigger based on the analyses. 

 

Figure 2-11: Liquefied zone across the width of the tailings dam (modified from CIMNE, 

2021). 

 

Figure 2-12: Contours of incremental displacements simulated when a liquefied zone was 

activated in the Brumadinho tailings dam (CIMNE, 2021). 

Offering a third perspective, Wates (2024) indicated how a mechanism of drained instability 

could be predicted using a simple limit equilibrium (LE) analysis. The two hypothesised 

triggers discussed above were triggers of undrained instability, where the undrained shearing 

of the soil was triggered before the slope failed. Wates suggested that instead of a trigger of 

undrained instability, the failure may have resulted from drained instability. According to this 

hypothesis, a lower bench with a FoS below one (Fig. 2-13) failed under drained conditions, 

which removed support for upstream tailings. This loss of confinement led to undrained 

Hydraulically 

continuous layer
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shearing in the remaining tailings, setting off a progression of retrogressive slip surfaces similar 

to the cascading failures discussed by Wagener et al. (1998) in Section 2.2.2.1. 

 

Figure 2-13: Results from limit equilibrium analyses conducted on the Brumadinho 

tailings dam (modified from Wates, 2024). 

2.2.2.5 Construction of a buttress on a gold tailings dam 

In response to these high-profile incidents, the industry has moved towards adopting standards 

that also consider undrained failure modes as recommended by the Global Industry Standard 

on Tailings Management (GISTM) (ICMM, 2020). One aspect of the ñGood practice guideò of 

the GISTM requires that all ñcredible failure modesò need to be identified. Additionally, it is 

specified that brittle failure modes should be identified and address ñindependent of trigger 

mechanismsò. As the undrained response of contractive tailings can exhibit brittle behaviour, 

this implies that tailings dams need to be designed for undrained conditions. This is one of the 

most onerous requirements of the new standards, especially considering the implications for 

existing tailings dams as the undrained strength of contractive materials, often present in 

tailings dams, is usually significantly lower than the drained strength.  

According to the new guidelines outlined by GISTM, many existing facilities previously 

categorised as safe are now considered unsafe, thereby necessitating remedial measures such 

as the placement of buttresses. However, if buttresses are constructed too quickly, excess pore 

pressures are generated, potentially triggering undrained conditions and the subsequent failure 

of the slope. 

In a study by Geldenhuys et al. (2021), pore pressures within a gold tailings dam were closely 

monitored during buttress construction. Although no major dam breach occurred, longitudinal 

FoS < 1.0
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cracks had formed on the lowest bench of the slope. Piezocone tests revealed elevated pore 

pressures around these cracks, indicating a heightened risk of bench failure. To address this 

risk, a buttress was constructed at the toe, with vibrating wire piezometers installed throughout 

the slope to monitor pore pressures in real time during construction. These measurements 

showed that the phreatic surface was initially  close to the slope face and visible seepage 

indicated low-permeability layers within the tailings, heightening concern about the potential 

for excess pore pressure build-up. This could have led to reduced effective stress and triggered 

instability in the form of an undrained failure. 

To evaluate the stability of the slope under these conditions, a series of LE analyses were 

conducted. Pore pressures in the analysis were set to match those measured during the 

piezocone investigation. The buttress was designed specifically to prevent localised slips, 

especially near the damôs toe. During construction, the immediate pore pressure changes were 

captured. The LE analysis assessed the drained FoS at the start of each lift, with pore pressure 

increases modelled to match the weight of each added lift (Fig. 2-14). Subsequent analyses 

were performed after pore pressures dissipated following each lift, providing insight into how 

stability evolved over time. It should be noted that the initial FoS was slightly below one. This 

could be due to the simplified assumptions that the LE method uses and the lack of the 

implementation of suction into the model. 

 

Figure 2-14: Factor of safety of a tailings dam versus the height of a single buttress lift 

(data adopted from Geldenhuys et al., 2021). 

Results indicated that as the buttress height increased, the FoS decreased, reaching values lower 

than those seen for smaller lifts. This finding led to the decision to build the buttress in smaller, 

incremental lifts, allowing time for pore pressure dissipation after each stage. Without this 

precaution, the FoS could have dropped below one, risking slope failure. The reduction in FoS 

due to rapid buttress construction reflects the response of a low-permeability, saturated layer 
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under undrained loading conditions. Although Geldenhuys et al. (2021) did not explicitly 

attribute this to static liquefaction, the mechanism is inherently undrained. The excess pore 

pressures generated by rapid loading reduce the effective stress and shear strength, posing a 

risk of instability, particularly where contractive, liquefiable tailings are present. This phased 

construction approach, combined with real-time monitoring, enabled the safe completion of the 

buttress and ultimately stabilised the slope. 

While buttressing is traditionally considered a reliable stabilisation technique, the study by 

Geldenhuys et al. (2021) highlighted that constructing a buttress too rapidly over low-

permeability layers could act as an trigger of undrained instability.  

In light of the case studies presented in this section, it is necessary to discuss the conditions that 

can cause these slope failures and the factors that can increase the likelihood of failures. 

Conventionally, the stability of tailings dams were determined by determining the drained FoS 

using a simple Mohr-Coulomb model. However, with the complexity of tailings dams and the 

associated mechanisms within, more sophisticated models based on critical state soil mechanics 

(CSSM) are needed for investigating triggers of undrained instability. 

2.3. CRITICAL STATE SOIL MECHANICS  

2.3.1. History  

In a survey conducted by the British Geotechnical Society (1999), CSSM was voted as the most 

significant research geotechnical development in the second half of the 20th century. CSSM is 

a theoretical framework foundational to soil mechanics and geotechnical engineering. Its 

development traces back to the fundamental principles of soil mechanics established by 

Terzaghi (1943). Early contributions by Roscoe et al. (1958) involved element tests aimed at 

understanding soil behaviour under various loading conditions, particularly focusing on soil 

plasticity and failure in both drained and undrained conditions.  

Fig. 2-15 shows a boundary separating elastic from plastic soil behaviour in the ή ὴᴂ stress 

space, where ή and ὴᴂ denote deviatoric and mean effective stress, respectively. This boundary 

is defined as the yield surface. When a soil element is within the yield surface (Point A), only 

elastic strains occur upon loading. At the yield surface (Point B), both elastic and plastic strains 

are generated, while a stress point outside the yield surface (Point C) is inadmissible. Moving 

to Point C requires an expansion of the yield surface, indicating a hardening response. 



2-20 

 

Figure 2-15: Example of a yield surface (adapted from Jefferies & Been, 2016). 

In CSSM, plastic strain increments align with the yield surfaceôs gradient, following the 

principle of associative flow for perfectly plastic materials. This implies that plastic strain 

increments occur normal to the yield surface in the stress space, aligning plastic deformation 

with the surfaceôs steepest gradient. For CSSM, this normal flow is defined by a plastic potential 

function, typically identical to the yield function. This normality condition predicts a volume 

change in soils under shearing based on their stress state or density (further discussed in Section 

5.4).  

Roscoe et al. (1958) observed that, under large plastic strains, soil reaches a steady or ñcritical 

stateò, where deformation continues at a constant effective stress, shear stress and volume. The 

ñcritical stateò condition for soils is expressed as: 

π        (2.1) 

where ‐ represents shear strain and ‐ volumetric strain. 

Building on these findings, Schofield & Wroth (1968) conceptualised the CSSM framework, 

integrating contributions by Drucker et al. (1957), Roscoe et al. (1958) and Calladine (1963). 

A key development was the concept of the critical state line (CSL), linking the yield surface 

size to the void ratio, Ὡ, at a given state, thus enhancing understanding of soilôs volumetric and 

shear behaviour. 

2.3.2. Critical state line 

The development of the CSL addressed key limitations in traditional soil mechanics theories, 

which were often limited in predicting soil behaviour under complex loading conditions. 

Through triaxial testing, it was observed that soils tend towards a critical state at large strains. 

Figs. 2-15(a) and (b) illustrate the failure states reached in drained and undrained isotropically 
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consolidated triaxial tests in the ή ὴ plane and the Ὡ ὴᴂ plane, respectively. When these 

data points are connected, a unique CSL emerges for a given soil. In the ή ὴ plane, the CSL 

is represented as a straight line, defined by: 

ή ὓϽὴᴂ         (2.2) 

where ὓ is the critical state stress ratio, or the slope of the CSL. 

In the Ὡ ὴᴂ plane, the CSL appears as a curved logarithmic line. When plotted in the Ὡ ÌÎὴᴂ 

space, it becomes linear (Fig. 2-16(c)) and is expressed as: 

Ὡ ῲ ‗ὰὲὴᴂ         (2.3) 

where ῲ is the void ratio of the CSL at a mean effective stress of 1 kPa and ‗ is the slope of the 

CSL. While studies (e.g. Li & Coop, 2018; Reid et al., 2021; Macedo & Vergaray, 2022) have 

shown the CSL may curve in the Ὡ ÌÎὴᴂ space for certain soils, this report assumes a straight 

CSL for the material used. 
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Figure 2-16: Failure points for drained and undrained triaxial tests conducted on Weald 

clay in (a) ▲ ▬ᴂ space; (b) ▄ ▬ᴂ space; (c) ▄ ἴἶ▬ᴂ space (data adopted from Parry, 

1960). 
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Samples that are prepared using consistent sample preparation methods will converge to the 

same CSL under identical loading conditions, irrespective of initial state or drainage conditions. 

However, experimental investigations have shown that the loading conditions (i.e. compression 

or extension) affect the CSL (Vaid et al., 1990; Negussey & Islam, 1994; Riemer & Seed, 1997; 

Yoshimine et al., 1998; Fakharian et al., 2022).  

Most soils have some degree of inherent anisotropy, meaning the particle arrangements and 

inter-particle forces vary depending on the direction of applied stress. Under compression, the 

principal stress direction aligns with the sampleôs axis and particles tend to rearrange and 

compact differently than under extension, where the direction of principal stress is opposite. 

This directional dependence affects the soilôs volume change and strength, which in turn shifts 

the CSL. 

The uniqueness of the CSL has been debated in relation to sample preparation methods. 

Chang et al. (2011) found that fabric could affect the CSL of tailings, although a unique ὓ was 

still observed. Reid & Fanni (2020), however, reported that intact silty tailings samples and 

moist tamped samples reached the same CSL, attributing discrepancies in previous studies (e.g. 

Chang et al., 2011) to layering within intact samples and also strain localisation in very dense 

samples, preventing the critical state to be assessed from global void ratio measurement. 

Riveros & Sadrekarimi (2021) supported this observation that sample preparation does not 

affect the CSL. For the purposes of this report, it is assumed that the CSL inferred from samples 

prepared using moist tamping is fit to interpret results. 

2.3.3. Volumetric behaviour of soil 

Soil behaviour during shearing is complex, especially as it often undergoes a change in volume 

under drained conditions. Casagrande (1936) conducted shear box tests on soils prepared at 

various densities, revealing two distinct volumetric responses during shearing. For loose soils, 

shearing caused a reduction in volume, referred to as contraction. This occurs as soil particles 

rearrange and roll into voids, resulting in a denser packing configuration (Fig. 2-17(a)). In 

contrast, dense soil specimens tended to increase in volume during shearing. This expansion, 

known as dilation, occurs because particles must roll over each other during shearing, causing 

an overall increase in volume (Fig. 2-17(b)). 
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Figure 2-17: (a) Initially loose soil exhibiting contraction; (b) initially dense soil exhibiting 

dilation. 

Casagrande (1936) also noted that, regardless of initial density, both loose and dense specimens 

tended to reach a similar final void ratio at failure, known as the critical state void ratio, Ὡ , 

when sheared from the same initial mean effective stress, ὴᴂ (Fig. 2-18). It was observed that 

specimens with initial void ratios, Ὡ, larger than the critical state void ratio would contract and 

specimens with Ὡ values smaller than Ὡ  values would dilate. 

 

Figure 2-18: Idealisation of the critical state line and the volumetric behaviour of a dense 

and a loose sample. 

2.3.4. Drainage conditions 

As discussed in Section 2.2.2, the drainage condition is another critical factor influencing soil 

behaviour during shearing. It refers to whether water can flow freely through the soil system 

during loading, which influences the pore water pressure response and, consequently, the 
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effective stress within the soil. Under drained conditions, water flows freely in and out of the 

soil, allowing volume changes as soil particles rearrange. This condition typically occurs under 

long-term loading, where there is sufficient time for consolidation and dissipation of excess 

pore pressures.  

In contrast, undrained conditions arise during rapid shearing events, such as during earthquakes 

or fast loading (see Section 2.2.2.5), where water cannot flow quickly enough to equilibrate. In 

this case, pore pressure changes instead of volume, significantly influencing soil stability. 

Understanding the drainage conditions is crucial within the CSSM framework, as it defines the 

stress path soil follows during shearing (e.g. Fig. 2-5).  

Fig. 2-19 illustrates how drainage conditions influences the shear response of soil, also showing 

the effects of density. For loose, saturated soil under slow, drained shearing, the soil contracts 

as the particles rearrange (Fig. 2-17(a)), forcing water out of the voids. This leads to a change 

in effective stress, directly reflecting the applied load. In dense soils under similar slow, 

monotonic shearing, initial contraction is followed by dilation, where the soil particles begin to 

roll over each other, increasing void spaces. 

 

Figure 2-19: Influence of density and drainage condition on the shear response of soil. 

During rapid shearing, undrained conditions cause shear stresses to be transmitted entirely 

through the water phase, resulting in the generation of excess pore water pressures, Ўό . In 

loose soils, this causes positive excess pore pressures, reducing effective stress and decreasing 

shear strength (Fig. 2-20). If the reduction in shear strength is sufficient to fall below the static 

shear stress, large plastic strains will develop rapidly, resulting in instability. This failure can 

be triggered by monotonic or cyclic loading, provided the driving stress exceeds the soil shear 

strength. 
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For dense soils under undrained, rapid shearing, the tendency to dilate reduces the pore water 

pressure, increasing effective stress and shear strength (Fig. 2-20). During cyclic loading, dense 

sands may generate positive excess pore pressures at small shear strains, leading to temporary 

softening and the accumulation of deformation. However, as shearing progresses to larger 

strains, dilation increases the shear strength, as described by Castro (1975), who termed this 

behaviour cyclic mobility. 

 

Figure 2-20: Comparison of loose and dense undrained effective stress paths. 

2.3.5. Instability  

Soil instability, which was used to described the initiation of slope failure in Section 2.2, refers 

to the condition where soil loses its ability to maintain its structure or support loads, resulting 

in large-scale deformations or even complete failure. This phenomenon is primarily driven by 

an imbalance between applied shear stress and the soilôs inherent shear strength. When the 

applied shear stress exceeds the soil's shear strength, failure modes such as landslides, slope 

failures, bearing capacity collapses and liquefaction can occur. 

Eckersley (1990) highlighted that instability is not strictly dependent on drainage conditions 

but rather on the soil's inherent response to shearing, specifically the potential collapse of the 

soilôs structure under load. This "collapse" often manifests as contraction (see Fig. 2-17(a)). In 

drained conditions, contraction is expressed through significant volumetric strain. In undrained 

conditions, it results in the build-up of positive excess pore pressures, as the soil particles 

attempt to rearrange within an incompressible pore fluid, leading to instability. 

Skopek et al. (1994) observed similar behaviour in loose, dry sand under a constant shear 

drained (CSD) stress path. Sand samples were anisotropically consolidated to a specific stress 

ratio, then subjected to a gradual reduction in effective stress whilst maintaining constant 

deviatoric stress (Fig. 2-21(a)). Initially, the sand exhibited elastic behaviour. However, once 
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the effective stress was reduced sufficiently, a collapse point in the ή ὴ plane was reached, 

where the sand underwent structural collapse. This was marked by volumetric contraction and 

increased compressibility in the Ὡ ὴᴂ plane (Fig. 2-21(b)). The onset of structural collapse 

was correlated with a mobilised friction angle,  ᴂ, which was lower than the angle of repose 

(critical state friction angle,  ᴂ).  

 

Figure 2-21: (a) Stress paths and (b) contraction during CSD tests conducted on dry sand 

(modified from Skopek et al., 1994). 

Sasitharan et al. (1993) conducted CSD tests on a loose saturated soil samples, simulating the 

stress path that a soil element experiences during a rising water table. In this case, the presence 

of water in the pore spaces, which is nearly incompressible, led to an increase in pore pressure 
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upon reaching the instability point. As in the study by Skopek et al. (1994), instability was 

triggered at a mobilised friction angle lower than the critical state friction angle. Upon reaching 

the instability threshold, the soil transitioned from drained to undrained behaviour, causing the 

pore pressure to increase rapidly and the structural collapse of the soil matrix. 

Chu et al. (2003) extended these findings to dilative soils, showing that even dilative soils can 

experience conditional instability if effective stress is reduced sufficiently. When unloading 

occurred under undrained conditions, the soilôs tendency to generate negative excess pore 

pressures caused the mean effective stress to increase, thus averting instability. Under drained 

conditions, instability was triggered due to a sufficient reduction in effective stress, causing a 

loss of shear strength. However, instability was only triggered when the stress ratio was steeper 

than the critical state (i.e. the slope of the soil was steeper than the angle of repose). 

In addition to CSD effective stress paths, undrained shearing can also trigger instability. Lade 

(1992) introduced the concept of an instability line (IL) within the ή ὴ plane, demarcating a 

region of potential instability (Fig. 2-22(a)). The IL, drawn by connecting peak states from 

undrained stress paths, indicates that states within this region of potential instability are prone 

to sudden collapse. Lade & Yamamuro (2011) suggested that while a soil element below the IL 

is inherently stable, loose, saturated soils subjected to undrained shearing will destabilise upon 

crossing this line. This instability onset coincides with the generation of positive excess pore 

pressures, which reduce effective stress to the point where the soilôs shear strength is 

insufficient to resist the applied stresses, leading to failure. 

Take & Beddoe (2014) observed that this loss in shear strength during undrained shearing can 

trigger instability in as short a timeframe as needed to generate excess pore pressures. Once in 

the instability region, even a transient decrease in effective stress can compromise the soilôs 

ability to support its load, triggering failure.  

It is important to note that simply being within the region of potential instability does not 

guarantee failure. For instance, during drained compression or anisotropic consolidation, soils 

within this region can remain stable (Lade & Yamamuro, 2011). However, if a loose soil under 

a CSD stress path approaches or crosses the IL, instability can be triggered, especially under 

conditions of gradual unloading, as shown in the studies by Chu et al. (2003) (Fig. 2-22(b)). 

For specimens consolidated to a stress state beneath the IL, failure was triggered upon reaching 

the IL, while for samples within the instability region, failure was immediate upon unloading. 
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Figure 2-22: Location of region of potential instability and the subsequent instability 

determined using (a) undrained compression tests; (b) constant shear drained tests. 

These findings emphasise that soil instability is multifaceted, influenced by stress paths, 

drainage conditions and the internal structure of the soil. Integrating these insights into design 

and safety evaluations can improve stability assessments, especially for soils susceptible to 
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stress-induced failure transitions, such as those encountered in tailings dams, embankments and 

natural slopes. 

2.3.6. State parameter 

While the void ratio is fundamental in understanding a soilôs shear behaviour, the initial 

effective confining stress is equally important. For instance, Fig. 2-19 illustrates two soil 

elements under the same confining stress but at different void ratios, demonstrating different 

responses. Similarly, Figs. 2-22 and 2-23 present soil specimens prepared at identical void 

ratios but subjected to different initial confining stresses before shearing. 

Yamamuro & Lade (1997) identified three distinct regions characterising the shear behaviour 

of clean sand specimens prepared at the same void ratio but consolidated under varying 

confining stresses: 

1. Stable Region: At low confining stresses, clean sands exhibit a strong dilatant tendency, 

undergoing strain-hardening as they shear. This behaviour corresponds to a stable 

region, where the soil's structure resists large deformations. 

2. Temporary Instability Region: At intermediate confining stresses, sands typically show 

an initial contractive response, leading to a temporary reduction in shear strength. 

However, as shearing progresses, phase transformation occurs, after which dilative 

behaviour and increasing shear strength are observed (Ishihara et al., 1975). 

3. Instability Region: At high confining stresses, the same sands demonstrate contractive 

behaviour, marked by strain-softening and instability, where the soil structure collapses 

as it fails. 

 

Figure 2-23: Influence of confining stress on the shear response of soil in the ▄ ἴἶ▬ᴂ 

plane. 
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Figure 2-24: Typical effective stress paths of clean sands prepared at the same void ratio 

but sheared at different confining pressures under undrained conditions (modified from 

Yamamuro & Lade, 1997). 

Although terms like ñlooseò and ñdenseò provide a qualitative description of soil states, a more 

quantitative approach is desirable. The state parameter, ‪, introduced by 

Been & Jefferies (1985), offers a measure of how far a soilôs state is from the CSL. This 

parameter is defined as the difference between initial and critical state void ratios at a given 

mean effective stress: 

‪ Ὡ Ὡ          (2.4) 

As shown in Figs. 2-18 and 2-22, the state parameter can be visualised in the Ὡ ÌÎὴᴂ space 

relative to the CSL. If the state lies above the CSL, the state parameter is positive, indicating a 

loose state with a tendency to contract. Conversely, if the state lies below the CSL, the state 

parameter is negative, reflecting a dense state with dilative tendencies. Thus, the state parameter 

provides a way to predict whether a soil is likely to exhibit contractive or dilative behaviour 

upon loading.  

In addition to characterising the volumetric tendencies, the state parameter can help in 

predicting potential instability. For example, Fig. 2-22 shows a defined region of potential 
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depends on the state of the soil. Chu et al. (2003) found that for negative state parameters, ὓ  

only reduces slightly as ‪ becomes less negative (Fig. 2-25). However, once ‪ becomes 

positive, ὓ  sharply decreases with small increases in ‪, then gradually stabilises. 

 

Figure 2-25: Relationship between the slope of the instability line, ╜╘╛, and the state 

parameter, ⱶ, for a dredged marine sand (redrawn from Chu et al., 2003). 

2.4. LIQUEFACTION  

The term "liquefaction" has evolved in geotechnical literature to describe the behaviour of loose 

granular soils under certain stress conditions, particularly undrained loading. 
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strength in loose sands under undrained conditions, where a slight disturbance could cause the 

sand to behave like a viscous fluid. Later, Mogami & Kubo (1953) used "liquefaction" in a 
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effective stress) where both mean effective stress and deviatoric stress approach zero under 

monotonic loading. However, slopes would have failed before reaching this point, as the driving 

stresses are then higher than the shear strength. Robertson (1994) proposed that if positive 

excess pore pressures sufficiently reduce the ultimate strength to zero, the soil has liquefied. 

Ng (2007) added that if the soil reaches zero ultimate strength and behaves like a fluid, a ñflow 

failureò has occurred. If residual shear strength remains, the failure should be classified as a 

ñslide failureò, which may still exhibit significant runout. 

Take & Beddoe (2014) defined static liquefaction as occurring when a loose, saturated granular 

soil experiences significant strain-softening due to positive excess pore pressures under 

monotonic loading. These positive pore pressures reduce the effective stress, temporarily 

diminishing the soil's shear strength and triggering potential large plastic deformations. 

Although liquefaction is an undrained process, the conditions leading up to it ï such as gradual 

buildup of shear stresses ï can be drained and even triggered by drained loading conditions 

(e.g. Sladen et al., 1985; Eckersley, 1990; Chu et al., 2012; Ng et al., 2022; Ng et al., 2023). 

Despite the variety of definitions, four key conditions commonly characterise liquefaction 

across the literature: 

1. The soil is in a loose, saturated state.  

2. A disturbance (trigger) initiates a response in the soil. 

3. Flow or liquefaction follows the trigger, rather than being the primary cause of 

instability. 

4. The soilôs liquefaction potential index (LPI), as defined by Ng et al. (2004), is 

sufficiently high, meaning the degree of strain-softening can induce instability. 

For this report, "true liquefaction" is defined as the condition in which generated positive excess 

pore pressure equals the initial vertical effective stress, thereby reducing the effective stress to 

zero. This definition is preferred because strain-softening alone may not bring the soil to 

complete fluidisation. For soil to behave like a liquid, it must have zero residual shear strength. 

Where positive excess pore pressures reduce effective stress but residual shear strength 

remains, the terms "instability" and "strain-softening" will be used instead. Fig. 2-26 illustrates 

the distinct stress-strain responses and effective stress paths associated with instability versus 

liquefaction. Based on this definition, liquefaction can be understood as a specific form of 

instability involving complete strain-softening. 
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Figure 2-26: Typical instability response during undrained shearing resulting in strain-

softening and static liquefaction (a) stress-strain behaviour; (b) effective stress path in 

▲ ▬ᴂ plane (modified from Crous, 2022). 
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Extensive research has explored the instability of loose granular soils, as documented in studies 
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& Lade (1997, 1998), Riveros & Sadrekarimi (2021) and Fanni et al. (2022). Numerous factors 

affect the brittleness and instability of soils. This section outlines key factors identified in the 

literature. 
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2.5.1. Soil type and grading 

Loose and dense sands exhibit different volumetric responses when sheared. Loose sands tend 

to contract, while dense sands dilate during shearing (Fig. 2-17). However, as discussed in 

Section 2.3.6, volumetric behaviour depends not only on initial density but also on initial 

confining stress. Research on clean sands has focused on how density and confining stress 

impact shear response (e.g. Roscoe & Poorooshasb, 1963; Been & Jefferies, 1985; Bolton, 

1986; Yamamuro & Lade, 1997).  

Clean sands can be characterised into the three behavioural regions shown in Fig. 2-24. 

However, Yamamuro & Lade (1998) observed that silty sands exhibit "reverse sand behaviour." 

In the study, five distinct regions were identified for silty sands at the same void ratio but 

different confining stresses (Fig. 2-27). Unlike clean sands, silty sands may exhibit contractive 

tendencies at low confining stresses, making them prone to instability under undrained 

conditions, often resulting in static liquefaction. At slightly higher confining stresses, silty 

sands may undergo temporary liquefaction, initially undergoing instability but then strain-

hardening after sufficient shearing. At intermediate confining stresses, silty sands display stable 

behaviour, with no significant reduction in shear strength even if effective stress decreases. At 

higher confining stresses, silty sands behave similarly to clean sands, with the potential for 

temporary or complete instability. 

 

Figure 2-27: Typical effective stress paths for silty sands prepared at the same void ratio 

but sheared at different confining stresses under undrained conditions (modified from 

Yamamuro & Lade, 1998). 

Temporary 

Liquefaction

Temporary 

Instability

Stable

Instability

Mean effective stress, pΩ

D
e

v
ia

to
ri

c
 s

tr
e

s
s
, q

Instability

Line

Critical State 

Line

Static liquefaction



2-36 

2.5.2. Fines content 

Yamamuro & Lade (1997) examined the effects of fines content, Ὢ, on Nevada and Ottawa 

sands. In loose samples under low confining stress (~25 kPa), increasing fines content was 

observed to raise liquefaction potential. However, studies by Kuerbis et al. (1988) and 

Pitman et al. (1994) found that increased fines content in Ottawa sand led to greater liquefaction 

resistance. These contrasting results are due to differences in test conditions. 

Kuerbis et al. (1988) and Pitman et al. (1994) conducted tests at higher confining pressures 

(~350 kPa), operating within different behavioural regions (Fig. 2-27). 

The confining stress has a pronounced effect on silty sand shear response. As illustrated in 

Fig. 2-28, a silty sandôs structure consists of larger sand grains with voids filled by smaller silt 

particles when loosely placed. At low confining stresses, these silt particles separate sand grain 

contacts. During shearing, the silt particles are pushed into the larger void spaces between the 

sand particles, inducing contraction and brittleness under undrained conditions, potentially 

resulting in liquefaction. Higher confining stresses force silt particles into voids pre-emptively, 

improving contact between sand grains before shearing Barnett et al. (2021). This improved 

contact increases the strength of the soil. 

 

Figure 2-28: Schematic diagram of the particle structure of a silty sand deposited in a 

loose state (after Yamamuro & Lade, 1998). 

Not all silty sands exhibit identical behaviour. One factor influencing this is the effect of fines 

content on the CSL. As the fines content increases, the CSL in the Ὡ ÌÎὴᴂ space initially shifts 

downward, reflecting increased bulk density (Fig. 2-29). However, at a threshold fines content, 

the CSL begins moving upward, marking a transition from a sand-dominated matrix to a fines-

dominated matrix (Thevanayagam et al., 2002). 
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Figure 2-29: Critical state lines for platinum tailings with varying fines contents (data 

adopted from Torres-Cruz & Santamarina, 2020). 

Barnett et al. (2021) observed that for samples at the same initial void ratio but different fines 

contents, peak and critical state shear strength decreased as fines content increased. This effect 

was attributed to reduced mechanical coordination (fewer contact points) and diminished 

contact force between larger sand particles. As fines content increases, the interlocking 

capability of sand grains weakens. Yamamuro & Lade (1998) and Barnett et al. (2021) noted 

that below the transition threshold, silt particles contribute minimally to the load-bearing 

structure and primarily increase bulk density. During shearing, these particles roll within the 

voids, rather than contributing to soil strength. Yamamuro & Lade (1997) also observed that 

silty sands can liquefy at higher relative densities than clean sands, a phenomenon supported 

by Barnett et al. (2021). 

Sadrekarimi (2014) explored the influence of fines content on liquefied strength in silty sands, 

varying initial confining stress and density. The study concluded that critical state strength 

could decrease, increase, or remain constant with fines content, depending on void ratio, 

effective stress, particle shape and mineralogy. When fines had similar mineralogy to sand, 

critical state shear strength decreased as fines content increased. However, with more angular 

or compressible fines, the initial soil state governed the critical state strength. These variations 

affect the state parameter and the compressibility of the soil matrix, underscoring the 

complexity of fines' influence on soil behaviour. 

2.5.3. Void ratio  

As discussed in Section 2.3.6, void ratio significantly impacts shear behaviour. Loose soils with 

higher void ratios tend to contract during shearing, generating positive excess pore pressures in 

undrained conditions, reducing effective stress and potentially leading to instability or 
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liquefaction. Denser soils, in contrast, tend to dilate and gain strength during shear. Thus, a 

loose initial state (i.e. positive ‪) is a prerequisite for instability. 

2.5.4. Initial effective confining stress 

Also discussed in Section 2.3.6, the initial confining stress is essential in determining soil 

behaviour, as void ratio alone does not fully describe soil state. Specimens at the same void 

ratio but different confining stresses show distinct shear responses (Figs. 2-22 and 2-23). In the 

field, vertical effective stress, „ᴂ, is used to assess instability, as it is easier to measure or 

estimate than horizontal effective stress, „ᴂ. The excess pore pressure ratio, ὶ, is commonly 

used to measure strength loss during undrained shearing and is calculated as follows: 

ὶ          (2.5) 

where ὶ ρ indicates true liquefaction. An ὶ π indicates zero loss of shear strength. 

2.5.5. Initial shear stress state 

The initial shear stress state significantly affects undrained shear response in loose soils (e.g. 

Kramer & Seed, 1988; Di Prisco et al., 1995; Yamamuro & Lade, 1997; Fourie & Tshabalala, 

2005; Fakharian et al., 2022; Fanni et al., 2022). Studies show that anisotropically consolidated 

specimens are susceptible to instability when subjected to a CSD stress path. Ng et al. (2004) 

observed that increasing the initial stress ratio, – ήὴᴂϳ , made shear responses more brittle 

and increased liquefaction potential, reducing strains needed to reach instability. 

Fakharian et al. (2022) recently noted that, while initial anisotropy does not alter the CSL, it 

affects the slope of the CSL, depending on the loading mode (compression or extension), with 

 ᴂ differing by up to 6°. It was also observed that the initial anisotropy significantly influenced 

the onset of instability. The geostatic stress ratio, ὑ „ᴂ „ᴂϳ , further influences initial stress 

state and is more practical for field applications. Fig. 2-30 illustrates how lower ὑ values 

increase –, pushing the state closer to the instability line. If ὑ is low enough, it might 

potentially bring the specimen into the region of potential instability. 
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Figure 2-30: The effect of ╚  on the stress ratio for a soil element under 100 kPa vertical 

effective stress. 

Fig. 2-31 shows the impact that ὑ has on the undrained triaxial compression strength of Erksak 

sand. If the specimen is located in the region of potential instability (i.e. the specimens with a 

low ὑ value), then the slightest disturbance can trigger instability. Thus, when a soil element 

has a lower ὑ value, less shear strength and shear strains need to be mobilised to trigger 

instability.  

 

Figure 2-31: Effect of ╚  on the undrained triaxial compression strength of Erksak sand 

(from Jefferies & Been, 2016). 
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In laboratory tests, ὑ values of approximately 0.5 are typically measured for reconstituted 

specimens undergoing virgin compression. However, Jefferies & Been (2016) argue that in situ 

ὑ values may increase over time, influenced by repeated low-amplitude cyclic loading events, 

such as blasting. Ghafgazi & Shuttle (2008) measured in situ ὑ values using a self-boring 

pressure meter test, finding evidence of higher values than typically observed in the lab. In 

contrast, Morgenstern et al. (2016) suggested that the Feijão tailings dam failure involved an 

extrusion-type mechanism that could have reduced ὑ in situ, as the horizontal stress reduced. 

Further complicating the understanding of in situ ὑ values are potential limitations in historical 

measurement methods, which, as noted by Talesnick et al. (2020) and Narainsamy (2024), may 

under-measure horizontal effective stress. 

Discrepancies also arise among failure investigation panels regarding appropriate ὑ values for 

analysis. For instance, while Morgenstern et al. (2016) recommended using ὑ = 0.5, 

Jefferies et al. (2019) used ὑ = 0.7 in the assessment of the Cadia tailings dam failure. These 

differences highlight the inherent uncertainty in determining the actual in situ value of ὑ. 

2.5.6. Sample preparation method 

The sample preparation method is another critical factor influencing the shear response of soils. 

Chang et al. (2011) compared the shear behaviour of intact gold tailings specimens to specimens 

prepared via moist tamping (MT) and slurry deposition (SD) (Fig. 2-32). Intact specimens 

exhibited only strain-hardening behaviour, while SD specimens initially showed strain-

softening before undergoing phase transformation. In contrast, MT specimens demonstrated 

significantly reduced shear strength and, in some cases, exhibited only strain-softening during 

undrained shearing. These differing shear responses were attributed to the distinct soil fabrics 

created by each preparation method. SD specimens had a uniform particle distribution similar 

to intact specimens, whereas MT specimens exhibited a flocked fabric, with finer particles 

clustering between larger sand particles. The flocked fabric allowed for a more collapsable 

fabric, causing more significant contractive tendencies. Additionally, MT specimens showed a 

reduction in small-strain stiffness, ranging from 14% to 43% compared to SD and intact 

specimens. 
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Figure 2-32: Comparison of undrained effective stress paths of specimens prepared using 

different sample preparation methods (modified from Chang et al., 2011). 

Reid and Fanni (2020) observed similar behaviour when comparing intact and MT-prepared 

gold tailings specimens. Riveros and Sadrekarimi (2021) found that the effect of fabric was 

pronounced for gold tailings with a high fines content, but negligible for those with lower fines 

content. In the SD-prepared silty tailings, fine particles remained suspended during deposition, 

preventing the formation of a fabric prone to liquefaction, as these suspended particles 

maintained void stability. However, MT-prepared silty tailings developed a more flocked 

particle structure, facilitating void collapse and increasing liquefaction potential, as observed 

by Chang et al. (2011). 

Fanni et al. (2022) further investigated the influence of principal stress direction on the 

instability of sands under CSD stress paths, comparing MT, dry pluviation (DP) and wet 

pluviation (WP) specimens. Only MT and DP specimens could be prepared loose enough to 

trigger instability. For MT specimens, it was observed that ὓ  progressively decreased as the 

major principal stress direction rotated. DP specimens exhibited a transition in shear response, 

from strain-hardening to strain-softening, as the major principal stress direction shifted. 

2.6. EVALUATION THE BRITTLENESS OF SOILS  

Soils prone to instability may exhibit a brittle response, characterised by a sudden and 

significant reduction in shear strength after reaching peak shear strength. Based on the 

literature, brittleness in soils can be defined by several key traits: 
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1. After reaching peak shear strength, the soil rapidly loses its ability resist shear stresses. 

2. The stress-strain curve displays a sharp drop in shear strength after the peak. 

3. Brittle soils exhibit minimal ductility, failing at relatively low strains compared to more 

ductile soils, which deform considerably before failure.  

Brittleness can be evaluated both in the laboratory and in situ, with an overview of each method 

provided below. 

2.6.1. Brittleness assessment based on laboratory testing  

Laboratory assessment of soil brittleness or liquefaction potential often first involves 

determining or estimating the soil's state. As discussed in Section 2.3.6, the state parameter can 

be calculated if the position of the CSL and the void ratio are known. This parameter provides 

a qualitative indication of whether the soil tends towards contraction or dilation when sheared. 

While the state parameter can only be used to compare different states of a single soil type 

rather than providing comparisons between different soils, if this initial assessment indicates 

contractive tendencies, the material can be said to be potentially brittle. 

Brittleness can also be expressed using the peak deviatoric stress and the deviatoric stress at the 

critical state, ή . One widely used measure is the undrained brittleness index, Ὅ, as defined by 

Bishop (1971): 

Ὅ          (2.6) 

Numerically Ὅ ranges from 0 to 1, where Ὅ π correspond to a strain-hardening material with 

no strength reduction and Ὅ ρ describes a material that liquefies to zero shear strength. A 

similar metric, the LPI, proposed by Ng et al. (2004), uses the minimum post-peak deviatoric 

stress, ή , instead of the critical state stress: 

LPI         (2.7) 

As with Ὅ, values of 0 and 1 for LPI denote strain-hardening and liquefaction, respectively. 

The primary distinction is that LPI accounts for strain-softening in cases where phase 

transformation occurs, as illustrated in Fig. 2-33. Using Ὅ alone would overlook this phase 

transformation behaviour, making LPI more suitable for capturing the full brittleness response. 

In this report, LPI will be used in the analysis of results. It should be noted that both these 

indices have the limitation of not considering the strain level over which the drop in shear 

strength occurs. Thus, the ductility is not considered when evaluating the brittleness. 
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Figure 2-33: Comparison of brittleness index and liquefaction potential index for a strain-

softening material and a material experiencing phase-transformation. 

2.6.2. Brittleness based on field testing 

The cone penetration test (CPT) is a common in-situ test used to evaluate soil properties and 

profile characteristics. During a CPT, a cone penetrometer is pushed into the ground at a 

constant rate, measuring cone tip resistance, shaft friction and pore pressure. 

In brittle soils, a high initial tip resistance followed by a sharp decrease may indicate brittle 

layers, or that a layer is underlain by a softer layer (Torres-Cruz, 2016). Changes in sleeve 

friction similar to the tip resistance can also provide insight to soil brittleness. Additionally, 

rapid pore pressure increases during penetration may potentially indicate a loose soil with 

contractive behaviour. However, it may also be indicative of a clay layer. 

Been et al. (1986) suggested that CPT data could help infer the in-situ state parameter for soil 

profiles. However, such interpretations rely on correlations sensitive to soil type and 

compressibility, limiting their general applicability. If the in-situ state parameter of a soil profile 

can be estimated, it may help identify potential brittle layers. For the purposes of this report, 

the CPT method will not be used further. 

2.7. PHYSICAL MODELLING OF SLOPE FAILURES  

Understanding slope failures is a critical aspect of geotechnical engineering, particularly in the 

context of tailings dams and other earth structures where failure mechanisms can lead to 

catastrophic consequences. While in situ and laboratory testing provide valuable insights into 
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soil behaviour, they often face limitations when attempting to fully capture the complex 

interplay of factors that govern slope instability. 

In situ testing, such as cone penetration tests and borehole sampling, offers a snapshot of soil 

conditions and properties. However, these methods are constrained by spatial variability and 

challenges in simulating the exact stress paths and boundary conditions experienced during 

slope failure. Similarly, laboratory testing, while enabling controlled analysis of soil properties, 

is typically conducted on small-scale samples and may not adequately replicate field-scale 

processes, such as stress redistribution, large-scale deformation, and the interaction of soil 

layers. 

Moreover, slope failures have historically been documented through eye witness reports, as 

failures are often unpredictable and are typically not recorded by pre-installed cameras. 

Physical modelling, particularly geotechnical centrifuge modelling, addresses these limitations 

by providing a scaled, yet representative, environment to study slope failures. By applying 

centrifugal forces, stresses within the model can be scaled to match prototype conditions, 

allowing real-time responses to triggers like rising water tables, rapid loading, or loss of 

confinement to be monitored. This method enables detailed investigation into failure 

mechanisms, stress redistribution and soil-structure interaction, offering insights that bridge the 

gap between laboratory experiments and in situ behaviour. 

Physical modelling is indispensable in geotechnical research because it not only complements 

in situ and laboratory data but also allows for the controlled reproduction of failure scenarios 

under well-defined conditions. This makes it a powerful tool for validating numerical models, 

improving our understanding of complex failure mechanisms, and developing more reliable 

design guidelines for slope stability. 

2.7.1. Laboratory testing at 1 g 

Flume testing at 1 g is a widely used method in geotechnical engineering to investigate slope 

stability. It offers the advantage of being cost-effective and straightforward to setup, making it 

accessible for preliminary studies. It provides real-time visual observations of deformation and 

failure mechanisms and allow control over variables such as water flow, slope angle and 

boundary conditions. However, flume testing is particularly limited in its inability to replicate 

field-scale (prototype scale) stress conditions, as the stress levels in the soil are much lower 

than real-life scenarios. Despite these limitations, flume testing remains a valuable tool for 

understanding fundamental mechanisms and is often complemented by centrifuge modelling, 

numerical analyses, or field studies. 
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Eckersley (1990) performed flume tests on slopes made of initially unsaturated coking coal, in 

which instability was triggered by raising the water table. Failure occurred when the water table 

reached the slope toe, where large seepage forces were present. Pore pressure transducers were 

installed to monitor responses and a maximum pore pressure ratio, ὶ  0.8 (Eqn. 2.5), below 

the theoretical threshold of 1.0 required for static liquefaction was recorded. This was attributed 

to low stress levels in the slope, which likely limited pore pressure generation, preventing 

liquefaction. 

Moriwaki et al. (2004) subjected a 1.2 m thick unsaturated slope to rainfall, observing a 

maximum excess pore pressure of 12 kPa at the base, close to the overburden stress, resulting 

in liquefaction.  

Wang & Sassa (2000) tilted a 0.1 m thick soil layer until failure, measuring a peak excess pore 

pressure of 1 kPa, similarly close to overburden stress. In both studies mentioned above, failure 

only occurred when the slope angle reached or exceeded  ᴂ. This was in both cases attributed 

to the non-representative stress state in the soil, which led to the soil having less contractive 

tendencies. 

Papageorgiou (2004) conducted flume tests to study the runout behaviour of liquefied gold 

tailings from the Merriespruit tailings dam but found limited correlation with real-world failure 

behaviour. Due to the inability of flume tests to replicate field stress conditions (referred to as 

prototype conditions from here on), significant differences in soil response were noted. 

Moreover, discrepancies in preparation and deposition methods between the flume tests and the 

Merriespruit tailings dam contributed to the differences observed. 

2.7.2. Centrifuge modelling 

2.7.2.1 General scaling law 

Unlike flume testing, centrifuge modelling can simulate prototype stress conditions. As 

discussed in Section 2.3.6, the initial state of soil significantly influences its response to 

shearing. In low-stress environments, a soil element on the loose side of the CSL in the 

prototype may behave as dense in a small-scale flume test (Fig. 2-19 and Fig. 2-23). 

Consequently, soil that would exhibit contractive behaviour at full scale may exhibit dilative 

tendencies at 1 g. Centrifuge modelling overcomes this by accelerating small-scale models to 

achieve representative prototype stress levels. 

The core principle of geotechnical centrifuge modelling is to replicate the prototypeôs stress 

conditions in a scaled-down model by applying increased acceleration. The prototypeôs 
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dimensions are scaled down by a factor of ὔ, corresponding to the acceleration level, which 

results in an effective unit weight in the model that is ὔ times that of the prototype. The scaling 

factor is defined as: 

ὔ           (2.8) 

where ὃ  and ὃ  represent the model and prototype quantities, respectively, with subscripts 

ñmò and ñpò indicating the model and prototype. Other scaling laws are discussed further in 

Section 4.2. 

Along with correctly scaling the stresses in the model, centrifuge modelling has other benefits. 

As small-scale models are constructed, it is considerably easier and cheaper to test varying 

boundary conditions and model conditions than testing aspects at prototype scale. 

2.7.2.2 Centrifuge modelling of slope failures 

Take et al. (2004) conducted centrifuge tests on model slopes constructed of completely 

decomposed granite (CDG) from Hong Kong. A steep, uniform slope was subjected to rainfall 

(model 1), with the toe remaining unsaturated. Consequently, no failure was triggered. 

However, additional tests were performed with a loose, wet CDG layer on top of a coarse base 

(model 2). Rainfall led to ponding at the slope toe in the CDG (above the sand), triggering a 

slide-to-flow failure. Fig. 2-34 presents the sequence of events in the slope in model 2. The 

unsaturated slope before wetting is presented in Fig. 2-34(a). Figs. 2-34(b) and (c) present the 

progression of the wetting front and the ponding at the toe. Figs. 2-34(d) to (h) present the 

failure sequence of the slope. Excess pore pressures generated in this test peaked below 

ὶ  1.0, confirming that liquefaction did not occur. The study recommended intercepting 

groundwater percolation near slopes through drainage systems to prevent ponding at the toe 

rather than relying solely on compacting the top layer.  
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Figure 2-34: Transition from slide to flow in loose fill model (modified from Take et al., 

2004). 

Based on the abovementioned tests, Take & Beddoe (2014) hypothesised that liquefaction is 

most likely to occur at the slope toe, where water is more likely to pond. In the study, rainfall-

induced failure yielded a peak ὶ  1.0 at the base, signalling liquefaction, whereas a well-

drained slope face showed a peak ὶ  0.22. This confirmed that liquefaction potential is 

highest at the base and toe of slopes. 
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Askarinejad et al. (2015) subjected slopes to rainfall using both water and a viscous fluid to 

observe differences in slope response. The study was undertaken to investigate the fact that the 

fluids with different viscosities are known to replicate different aspects of slope instability in 

centrifuge modelling (specific details on this phenomenon is provided in Section 4.2). In the 

study by Askarinejad et al. (2015), surface movements in the viscous fluid test were observed 

to be significantly larger and movements continued after rainfall ceased, leading to a minor 

sloughing failure. In contrast, the water test displayed no failure. It was explained that the more 

viscous fluid caused excess pore pressures to dissipate more slowly, resulting in a loss of shear 

strength in the slope of longer duration. 

Ng et al. (2022) investigated drained failures in loose sand fill slopes, typical of the manmade 

slopes found in Hong Kong. One slope was exposed to rainfall, while another faced a rising 

water table. Only settlement occurred in the rainfall test, whereas the rising water table caused 

significant seepage and erosion at the crest. In the rainfall test, it was concluded that the 

infiltration from the top of the model caused the surface layer to densify due to inundation 

induced settlement. The densification prevented the slope from failure. In the rising water table 

test, the seepage caused erosion, which extended towards the crest, leading to a slip failure 

(Fig. 2-35). After the initial slip failure, as series of subsequent and rapid failures were 

triggered. Although the peak ὶ measured was below 1.0, it was suggested that this was due to 

the slow logging rate, concluding that liquefaction had occurred. This was concluded as the 

final slope angle was almost completely horizontal. 

 

Figure 2-35: Postulated failure mechanism and failure zones for the liquefaction of the 

model slope presented by Ng et al. (2022) (redrawn; dimensions in prototype scale). 

Ng et al. (2023) performed two centrifuge tests on model tailings slopes (with different initial 

densities) prepared using a viscous fluid, where the phreatic surface was slowly raised. Two 

distinct failure mechanisms emerged: in the looser slope, drained instability at the toe triggered 

0 m 65m0
 m

2
0

 m

Gully erosion

Phreatic surfaceInitial slip failure



2-49 

a retrogressive flowslide due to excess pore pressures (Fig. 2-36). In the denser slope (but still 

in a loose state), failure occurred when the drained factor of safety reached unity, resulting in a 

slip failure with limited undrained shearing and no evidence of liquefaction (Fig. 2-37). 

 

Figure 2-36: Side view of flowslide failure of loose (a) before failure; (b) after failure (Ng 

et al., 2023). 

 

 

 

(a) 

(b) 
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Figure 2-37: Side view of the denser model slope that experienced a drained slip failure 

(a) before failure; (b) after failure (modified from Ng et al., 2023). 

2.8. NUMERICAL MODELLING OF SLOPE FAILURES  

Given the time, material and equipment costs required for physical modelling, numerical 

modelling offers a more accessible and economically viable alternative for investigating slope 

failure triggers. Unlike physical models, which are constrained by the type, number and location 

of measurement instruments, numerical models offer detailed insights into any calculable 

parameter (e.g. pore pressure and effective stress) at any point in the model at any instance in 

time. This flexibility allows numerical back-analyses to complement physical tests, aiding in 

the interpretation of test results. 

 

 

 

Failed soil mass from slip failure 
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In addition to its accessibility, numerical modelling offers a wide array of software packages 

and constitutive models, each varying in complexity and usability. Although there are several 

numerical modelling methods (e.g. discrete element or material point methods), this report 

focuses on the finite element method (FEM). 

Jefferies & Been (2016) emphasised that effective numerical modelling should capture two 

types of non-linear behaviour, namely, material and geometric non-linearity. Material non-

linearity accounts for the degradation of soil stiffness as plastic strains develop, while geometric 

non-linearity reflects how large displacement gradients at greater strains impact the numerical 

solution. Both types of behaviour can be accounted for using FEM. 

Griffiths and Lane (1999) conducted plane strain slope stability analyses using elastic-perfectly 

plastic constitutive models and a non-associated Mohr-Coulomb failure criterion. After 

applying gravity loading to establish initial stress conditions, the strength reduction method was 

used, progressively reducing soil strength parameters until failure occurred. Failure was 

indicated by non-convergence, attributed to large plastic strains signalling slope failure. The 

FoS obtained from FEM closely aligned with that from traditional LE methods, with similar 

slip surfaces and FoS values (Fig. 2-38). This demonstrated that FEM could provide results 

comparable to classical LE analyses. 

 

Figure 2-38: Example of (a) deformed mesh corresponding to the non-converged solution 

by finite elements; (b) the critical slip surface determined using the limit equilibrium 

method (Griffiths & Lane, 1999). 

A significant advantage of FEM over traditional LE methods is its ability to capture the brittle, 

strain-softening nature of loose, saturated materials, a critical feature in complex geotechnical 

analyses (e.g. Morgenstern et al., 2016; Jefferies et al., 2019; Robertson et al., 2019). 

Increasingly sophisticated constitutive models are needed to accurately predict complex soil 

(a)

(b)
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behaviour resulting from, for example, density variations. Historically, few models have 

included void ratio (or soil state) as a variable. However, constitutive models based on CSSM 

have addressed this, forming a robust framework for analysing instability and liquefaction 

(Jefferies & Been, 2016). 

Mánica et al. (2022) investigated the Merriespruit tailings dam failure using a modified version 

of the Clay and Sand Model (CASM), which is rooted in critical state soil mechanics. The study 

utilised two-dimensional FEM to simulate the static liquefaction event triggered by 

overtopping-induced erosion at the dam's toe, as described in Wagener et al. (1998). Failure 

was induced by progressively reducing the confining load at the toe, modelled using a force 

reduction factor (Fig. 2-39). The numerical analyses showed that the removal of confinement 

resulted in a loss of effective stress along the failure plane, culminating in full liquefaction, 

where the effective stress and deviatoric stress reduced to zero.  

 

Figure 2-39: Deviatoric strain generated during the removal of confinement at the toe of 

the Merriespruit tailings dam (Mánica et al., 2022). 

Despite the robustness of the CASM model in capturing the initiation of liquefaction, some 

limitations in its application were noted. For example, the study primarily focused on the 

macroscale behaviour of the dam and did not fully resolve localised instabilities or pore 

pressure gradients at smaller scales. This limited the modelôs ability to accurately predict the 

cascading retrogressive failure discussed by Wagener et al. (1998) (Fig. 2-6). Furthermore, the 

transition from peak undrained strength to a liquefied state was highly sensitive to the 

calibration of the constitutive model parameters, emphasising the importance of obtaining 

representative laboratory data for tailings characterisation. 

The findings of Mánica et al. (2022) have significant implications for understanding undrained 

behaviour and failure mechanisms in tailings dams. The results demonstrate that static 

liquefaction can be reliably simulated using a critical state-based framework, provided the 

constitutive model is well-calibrated. The development and distribution of ὶ serve as critical 

indicators of failure potential, reinforcing the necessity of integrating pore pressure monitoring 

Reduced load
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into slope stability assessments. Additionally, the study highlights the importance of 

considering the role of undrained behaviour when assessing the stability of tailings dams, 

particularly under conditions of rapid loading or confinement loss. 

In addition to the centrifuge tests discussed in Section 2.7.2, Ng et al. (2022) performed a three-

dimensional numerical back-analysis at prototype scale to gain insight into the trigger and 

failure mechanism shown in Fig. 2-35. The numerical study focused on validating the 

hypothesised failure mechanism observed in the centrifuge test, where a rising groundwater 

table led to a liquefaction failure triggered by gully erosion at the crest. Using a non-linear 

constitutive model (not based on CSSM), the simulations successfully reproduced the 

progression of instability (Fig. 2-40). 

 

Figure 2-40: Computed shear strain during numerical back-analysis of slope failure (Ng 

et al., 2022). 

As the seepage in the gully saturated the crest, the strength of the sand was reduced in that 

region. As a result, a drained slip failure, which matched the initial failure shown in Fig. 2-35, 

was triggered at the crest, which subsequently generated a concentrated zone of excess pore 

pressures. This ultimately led to non-convergence in the model, indicating the generation of 

large plastic strains. This behaviour strongly supports the hypothesis that static liquefaction was 

induced by the rapid and localised shearing at the crest, leading to a dramatic reduction in shear 

strength. 

Despite the robustness of the numerical model in replicating the general failure mechanism, 

certain limitations warrant discussion. While the model captured the generation and 

redistribution of pore pressures, it underestimated the magnitude of ὶ compared to centrifuge 

test measurements. This discrepancy was attributed to the use of a constitutive model that does 

not account for state, which may not fully capture the volumetric behaviour of the soil. 

Additionally, the model's inability to account for matric suction in the unsaturated zone may 

have influenced the computed pore pressure profiles. 

In another study, Ng et al. (2023) conducted a two-dimensional FEM back-analysis on the 

centrifuge test shown in Fig. 2-37 using the NorSand model. In the test, excess pore pressures 
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reached a peak ὶ = 0.4, confirming undrained response following the initiation of drained 

instability. The numerical back-analysis was capable of capturing the triggering of drained 

instability (Fig. 2-41), with the overall shape, depth and location of the slip surface comparing 

well with the centrifuge test (Fig. 2-37). A significant difference between the measured and 

computed results were the pore pressure responses. In the centrifuge test, the pore pressures 

initially decreased during the triggering of the failure, followed by an increase. However, in the 

numerical analysis, only the increase was predicted. It was stated that in the centrifuge test, 

tension in the wiring of the tensiometers caused a cavity to form between the face of the 

tensiometer and the soil, causing suction to be measured. However, the magnitudes of the 

positive excess pore pressures were comparable. 

 

Figure 2-41: Computed shear strain from numerical back-analysis of slope failure (Ng et 

al., 2023). 

Reid et al. (2022) also modelled slope failures triggered by a rising water table, examining 

conservative design standards like the GISTM (ICMM, 2020). GISTM suggests using the 

undrained soil strength when assessing slope and tailings dam stability (e.g. Olson & Stark, 

2003; Been, 2016; Sadrekarimi, 2016; Jefferies, 2018; Reid et al., 2022), presuming soil may 

lose shear strength and strain-soften or even liquefy under certain conditions. 

Two widely used methods for estimating the peak and critical state undrained shear strength 

are the yield strength ratio (YSR) and liquefied strength ratio (LSR). These undrained strengths 

are then used to estimate the geotechnical stability of slopes. YSR is the ratio of peak undrained 

shear strength, ί, to initial vertical effective stress at the location in the slope under 

consideration, „ᴂ , marking strain-softening onset: 

YSR          (2.9) 
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LSR is the ratio of residual (or critical state) strength, ί , after liquefaction to initial effective 

stress, indicating post-liquefaction soil strength: 

LSR           (2.10) 

These conservative methodologies aim to maximise structural stability. However, Reid et al. 

(2022) demonstrated that some assumptions may lead to overly conservative failure predictions. 

In the study, a slope with a conservative 1V:2.5H geometry was analysed using strong material 

parameters, with  ᴂ and effective cohesion, ὧᴂ, of 40° and 5 kPa, respectively. The phreatic 

surface was raised in the slope until failure was triggered, similar to the centrifuge tests shown 

in Fig. 2-36 and Fig. 2-37. The position of the phreatic surface at failure (measured as distance 

from the toe) was noted in each analysis. This was done as certain parameters, such as the in 

situ ὑ value (Section 2.5.5), choice of YSR or LSR influenced the distance of the phreatic 

surface away from the toe when failure was predicted. Additional factors, such as principal 

stress rotation angle, ‌, and the intermediate principal stress ratio, ὦ, were also considered. The 

analyses showed that the phreatic surface was anywhere between 4 m to 55 m away from the 

toe when failure was predicted, depending on the combination of the parameters. 

 

Figure 2-42: Examination of failure conditions of NorSand model and comparison with 

YSR and LSR models (Reid et al., 2022). 

As Reid et al. (2022) highlighted, there remains limited consensus on slope stability analysis 

assumptions. Some approaches may yield excessively conservative failure predictions, 

emphasising the need for tailored analysis methods. 

2.9. SUMMARY  

This chapter serves as a literature review, which establishes a foundation for understanding the 

instability of granular slopes, particularly in tailings dams and loose fill slopes. Key insights 

are drawn from critical state soil mechanics, which provides the framework for interpreting soil 
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behaviour in terms of the state parameter, critical state line, and instability line. These concepts 

are pivotal in assessing the response of soils under different drainage conditions, including their 

susceptibility to instability or liquefaction failures. 

Research on liquefaction underscores the influence of factors such as soil type, grading, fines 

content, and void ratio, which collectively dictate the contractive or dilative tendencies of soils 

under undrained loading. Studies have demonstrated that undrained instability is strongly 

associated with excess pore pressure generation, with liquefaction occurring when excess pore 

pressure ratios reach unity. However, the interaction between these factors in triggering slope 

failures under undrained conditions remains insufficiently understood. 

Case studies of tailings dam failures, including the Brumadinho and Merriespruit disasters, 

highlight the catastrophic consequences of undrained failure modes. Numerical back-analyses 

and physical models, such as centrifuge modelling, have been employed to investigate slope 

failures. While these methods have successfully predicted mechanisms like drained instability 

due to rising water tables, they have limitations. Physical modelling efforts, including 

centrifuge tests, offer valuable insights into the scaling of geotechnical processes. However, 

many of these tests have focused predominantly on drained conditions without exploring 

triggering slope failures under undrained conditions.  

Numerical methods, such as the limit equilibrium and finite element method, have advanced 

the predictive capabilities for pre-failure behaviour, but struggle to accurately simulate complex 

post-failure phenomena like liquefaction propagation or retrogressive failures. Additionally, 

few studies have investigated how well the tools that are widely available to industry can 

capture the triggering of failures and the associated failure mechanisms. The models are often 

idealised and do not serve as back-analyses with physical data for comparison.  

This research aims to address these gaps by employing a combination of advanced centrifuge 

modelling and limit equilibrium and finite element simulations. The centrifuge tests 

systematically evaluated a variety of slope failure triggers, including rising water tables, rapid 

removal of toe confinement, surcharge loading at the toe and the crest and the borehole drilling 

trigger discussed in Section 2.2.2.4. Instrumentation captured pore pressure and total stress 

evolution, as well as deformation in detail during the failure of the slopes. Additionally, 

numerical simulations using either the limit equilibrium method with the Mohr-Coulomb model 

or finite element method with the NorSand constitutive model complement these experiments, 

which focused on replicating both pre-failure and the triggering of the slope failures. 
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By bridging the limitations of physical and numerical modelling, this study provides a more 

comprehensive understanding of the triggers and mechanisms of slope instability, particularly 

under conditions representative of tailings dams and loose fill slopes.  
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3. PROPERTIES AND SHEAR BEHAVIOUR OF FINE SILICA SAND 

3.1. INTRODUCTION  

This chapter introduces the properties and behaviour of the sand used throughout this research. 

It presents the sandôs index properties and its response during undrained shearing. The 

materialôs brittleness is examined using isotropically consolidated undrained triaxial 

compression tests. These tests form the foundation for understanding the sandôs strength 

characteristics, providing a framework for interpreting the results from both experimental and 

numerical analyses. 

3.2. INDEX PROPERTIES OF CULLINAN SAND  

The sand utilised in the centrifuge and triaxial tests is a commercially available silica sand, 

which is quarried near Cullinan, South Africa and is referred to as Cullinan sand in this thesis. 

The particle size distribution (PSD) and some key index properties are provided in Fig. 3-1 and 

Table 3-1, respectively. The PSD was measured using a Mastersizer 2000. It has a fines content, 

defined as particles smaller than 63 ɛm, of 23.5%, a median grain size, Ὀ , of 98 ɛm, and a 

maximum size of 400 ɛm. Based on the PSD, the sand is classified as a poorly graded, uniform, 

silty sand according to ASTM D2487. The specific gravity, Ὃ, was measured as 2.7 using the 

Mastersizer 2000. The saturated coefficient of permeability, Ὧ  6.5 x 10-6 m/s, was 

determined through a falling head permeameter test at a void ratio of 0.9. To validate this 

results, Hazenôs formula was applied: 

Ὧ ὅϽὈ          (3.1) 

where Ὀ  is Hazenôs effective grain size (mm) and ὅ is a coefficient considering the sorting 

characteristics of the soil. In this case, ὅ = 1. With a Ὀ  of approximately 0.04 mm, this gives 

an estimate of 1.6 x 10-6 m/s, which is in the same order of magnitude as the measured value. 
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Figure 3-1: PSD for the Cullinan sand used in this study and the gold tailings used by 

Narainsamy (2024). 

According to Murison & Heymann (2024), the maximum and minimum void ratios, Ὡ  and 

Ὡ , for the sand are 0.953 and 0.576, determined using ASTM D4254 and D4253, 

respectively. The minimum and maximum dry densities of the sand are 1379 and 1704 kg/m3, 

respectively. 

Table 3-1: Index properties of Cullinan sand. 

Index property Cullinan Sand 

Specific gravity, Ὃ 2.7 

Ὀ  (ɛm) 98 

Ὀ  (ɛm) 42 

Sand content (63 ɛm < Ὀ < 2000 ɛm) 76.5% 

Fines content (Ὀ < 63 ɛm) 23.5% 

Saturated permeability, Ὧ (m/s) 6.5 x 10-6 

Maximum void ratio, Ὡ a 0.953 

Minimum void ratio, Ὡ a 0.576 

Maximum dry density (kg/m3)a 1704 

Minimum dry density (kg/m3)a 1379 

aMurison & Heymann (2024) 

3.3. BEHAVIOUR OF CULLINAN SAND DURING UNDRAINED SHEARING  

Fig. 3-2 illustrates typical stress-strain responses and effective stress paths from three 

isotropically consolidated undrained triaxial tests conducted on Cullinan sand (blue lines). Also 

indicated in the figure for comparison, is a set of consolidated undrained triaxial tests conducted 

on gold tailings, as reported by Narainsamy (2024) (red lines). It should be noted that the CSL 
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presented in Fig. 3-2 was determined using a more comprehensive testing programme, which 

is presented in Section 5.4. Further detailed in Section 5.4 is the sample preparation and triaxial 

apparatus used. Table 5-3 details the testing programme, discussing differences in the testing 

procedures and test conditions. The tests presented in Fig. 3-2 are simply shown to illustrate 

the brittleness of the Cullinan sand. 

The specimens shown in Fig. 3-2 were prepared using the moist tamping (MT) technique and 

were isotropically consolidated to mean effective stresses, ὴᴂ, of 50, 100, or 200 kPa. Although 

the fabric created by the MT technique is not necessarily representative of the fabric created by 

the slurry deposition method (used in the construction of tailings dams), it was chosen as it 

allows for contractive and brittle specimens to be created (i.e. Chang et al., 2011). The fabric 

created by the MT technique also represented the sample preparation method used for the 

majority of the centrifuge tests (discussed in Chapter 4). This maximised the potential for 

triggering liquefaction. Additionally, the MT technique allows for better control over the 

density of the specimens during preparation when compared to other methods.  

While moist tamping does not replicate the depositional processes of hydraulic fill or slurry 

placement, it was also selected to ensure repeatability and control over initial density. This 

method reduces layering and segregation that might otherwise obscure the influence of 

controlled triggers on slope stability. However, this simplification means that the results may 

not fully capture the effects of natural variability, anisotropy, or layering commonly observed 

in field-deposited tailings. Future studies should investigate the influence of depositional 

layering and the use of finer or more heterogeneous tailings materials. 

The stress-strain responses and excess pore pressure-strain responses shown in Fig. 3-2(a) and 

(b), respectively. The deviatoric stress, ή, and excess pore pressures, Ўό  increased with axial 

strain until a peak was reached. Notably, all sand specimens reached peak shear stress before 

1% axial strain, after which they exhibited rapid strain-softening. Each specimen reached zero 

strength state within 5% axial strain. Using Equation 2.7, the liquefaction potential index (LPI) 

for the specimens was calculated as 1, indicating that true static liquefaction was triggered in 

the triaxial tests. This is further supported by the effective stress paths shown in Fig. 3-2(c). As 

the mean effective stress decreased, the deviatoric stress initially increased to a peak before 

strain-softening occurred, with each path eventually collapsing towards the origin, confirming 

liquefaction as defined in Section 2.4 (i.e. ὴᴂ reduces to zero). These results indicate that 

Cullinan sand, when prepared in a sufficiently loose state, is susceptible not only to instability 

but also to static liquefaction. 
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Figure 3-2: Typical results of isotropically consolidated undrained triaxial compression 

tests of Cullinan sand in (a) stress-strain plane; (b) excess pore pressure versus strain 

plane; and (c) ▲ ▬ᴂ plane. 

The CSL shown in Fig. 3-2(c) was derived from a series of six drained and ten undrained triaxial 

tests (detailed in Section 5.4). The slope of the CSL, ὓ, is 1.329, corresponding to a critical 

state friction angle,  ᴂ, of 33.0°. Instability lines (ILs) were determined by connecting the peak 

of each effective stress path in the ή ὴᴂ plane with the origin. As discussed in Section 2.3.6, 
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the slope of the IL, ὓ , varies based on the soil state. Although the initial void ratios of the 

specimens in Fig. 3-2(c) were similar, their state parameters differed due to varying 

consolidation stresses, resulting in distinct ILs for each effective stress path. 

As illustrated in Fig. 3-1, the coarse fraction of the PSD of Cullinan sand is similar to that of 

the gold tailings tested by Narainsamy (2024), although the tailings are slightly finer. 

Narainsamy reported a critical state friction angle of 35° for the gold tailings, slightly higher 

than that of Cullinan sand. Given that the primary aim of this study is to investigate potential 

slope failure triggers, a material that maximises the likelihood of instability initiation was 

essential. With a flatter CSL, the Cullinan sand fits this criterion. 

Fig. 3-3 illustrates the relationship between the slope of the instability line and the state 

parameter for the Cullinan sand. Even for triaxial specimens with state parameters close to zero, 

the IL remains flatter than the CSL, with the maximum ὓ  being less than one. This suggests 

that even specimens approaching the dense side of the CSL can experience instability below 

the CSL threshold. As discussed in Section 2.3.6 and shown in Fig. 2-25, an increasing state 

parameter correlates with a progressively flatter IL slope. 

 

Figure 3-3: Relationship between the slope of the instability line, ╜╘╛, and the state 

parameter, ⱶ, for Cullinan sand. 

The CSL in the Ὡ ÌÎὴᴂ space was determined through a series of drained and undrained tests 

(Fig. 3-4). The CSL appears as a straight line in Ὡ ÌÎὴᴂ space and is represented by (Eqn. 2.3). 

For the Cullinan sand, ῲ, the void ratio of the CSL at a mean effective stress of 1 kPa, and ‗, 

the slope of the CSL, are 0.870 and 0.020, respectively. The critical state and instability 

parameters are summarised in Table 3-2. 
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Figure 3-4: CSL in the ▄ ἴἶ▬ᴂ space for the Cullinan sand used in this study. 

Table 3-2: Critical state and instability parameters for gold tailings. 

Parameter Cullinan sand 

Slope of the CSL in ή ὴᴂ plane, ὓ 1.329 

Critical state friction angle,  ᴂ 33.0° 

Void ratio of CSL at ὴᴂ = 1 kPa, ῲ 0.8698 

Slope of CSL in Ὡ ÌÎὴᴂ space, ‗ 0.0202 

Average slope of IL in ή ὴᴂ plane, ὓ  0.735 

Mobilised friction angle at the peak,  ᴂ 24.7° 

3.4. LIQUEFACTION POTENTIAL  OF CULLINAN SAND  

A key consideration in this study is the choice of material used in the centrifuge modelling 

programme. As highlighted in Chapter 2, several major tailings dam failures have occurred over 

the past century. Investigating the triggers of tailings dam failures and their associated 

mechanisms is therefore both relevant and timely. Thus, it was necessary to choose a material 

with a pronounced brittle tendency when prepared in a loose state, as it maximises the potential 

for triggering slope failure. Although Cullinan sand differs from typical tailings due to 

differences in production processes, it was selected for this study due to its suitability for 

examining potential instability triggers. 

In addition to maximising the likelihood of failure, it was also desirable to investigate 

instabilities that occur in a brittle manner. Fig. 3-2 displays the shear-strain responses and 

effective stress paths of both the Cullinan sand (blue lines) and the gold tailings (red lines) 

tested by Narainsamy (2024). As discussed in Section 3.3, Cullinan sand undergoes static 

liquefaction under undrained shearing, with initial state parameters, ‪ , between 0.087 and 

0.094 for the three specimens. Conversely, none of the tailings specimens tested by 
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Narainsamy (2024) exhibited liquefaction, even with ‪  values exceeding 0.1. The gold 

tailings also displayed less brittle behaviour, reaching critical state only after axial strains of 

over 10%. Observing the effective stress paths in Fig. 3-2(c), the gold tailings did not liquefy, 

and the specimen initially confined at 200 kPa even exhibited phase transformation. 

Furthermore, the instability line slopes for the tailings were higher than that of Cullinan sand, 

indicating that greater shear mobilisation is needed in the tailings to trigger instability. 

The results in Fig. 3.2(a) also allow for evaluating the LPI discussed in Section 2.5.1. Fig. 3-5 

illustrates the relationship between LPI and ‪  for Cullinan sand, alongside the gold tailings 

data from Crous (2022) and Narainsamy (2024). LPI values increase with rising ‪  for both 

materials. However, Cullinan sand is significantly more brittle and prone to liquefaction, where 

multiple tests reached an LPI of 1 (indicating static liquefaction), with other tests reaching LPI 

values exceeding 0.75. In contrast, the maximum LPI observed in the gold tailings was 0.79, 

even with ‪  values higher than those attained with Cullinan sand. 

While the general trend shows increasing LPI with higher state parameter, the gold tailings data 

exhibit some scatter. This may reflect differences in particle fabric, saturation level, fines 

content, or differences in sample preparation, which affect liquefaction susceptibility beyond 

what is captured by state parameter alone. These results underscore the need for material-

specific calibration when using the state parameter as a predictive index. 

 

Figure 3-5: Relationship between the LPI and the ⱶ for Cullinan sand and gold tailings. 

Particle shape is another influential factor affecting the behaviour of granular materials. 

Rui et al. (2020) noted that particle shape can affect a soilôs liquefaction potential. Scanning 

electron microscope images in Figs. 3-6(a) and (b) depict Cullinan sand and gold tailings 

particles, respectively. Archer (2013) characterised Cullinan sand as a silica angular to sub-

rounded with a very rough surface. Chang et al. (2011) described the particle shape of two types 
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of gold tailings. The tailings collected from the pond consisted predominantly of platy particles 

with small sized bulky particles, which were dispersed within the platy particle matrix. The 

material collected from the upper beach was described as a uniform fabric with platy particles 

dispersed around and between the bulky particles. Vermeulen noted that the typical mineralogy 

of gold tailings from the Witwatersrand gold reef is 70 ï 90% quartz with trace amounts of 

muscovite, pyrophyllite and illite. 

 

Figure 3-6: Scanning electron microscope images of (a) Cullinan sand (Archer, 2013); 

(b) gold tailings (Chang et al., 2011). 

(a)

(b)

Platy particles and 

flocks filling the voids 

between bulky particles

Bulky 

particles
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The difference in permeability between the two materials should also be noted. Table 3-1 

reports a permeability of 6.5 x 10-6 m/s for Cullinan sand at a void ratio of 0.9, whereas the gold 

tailings have a permeability of 3.0 x 10-7 m/s at a void ratio of 0.85 (Crous, 2022; 

Ng et al., 2023). It is acknowledged that the finer tailings may exhibit slower pore pressure 

dissipation due to its lower permeability, which could prolong shear strength loss. However, 

the choice of Cullinan sand for use in this study was based on its pronounced brittleness. 

3.5. SUMMARY  

This chapter outlines the index properties and undrained shearing behaviour of Cullinan sand, 

the material used throughout this study. Initial element tests provided fundamental insights into 

its shearing response, revealing that Cullinan sand possesses considerable brittleness and prone 

to instability when sheared undrained in a loose state. Sufficiently loose and saturated 

specimens have a higher liquefaction potential and are even susceptible to full liquefaction. 

Given its higher brittleness compared to the gold tailings tested by Crous (2022) and 

Narainsamy (2024), Cullinan sand was selected as the study material.
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4. CENTRIFUGE MODEL, TEST PROGRAMME AND PROCEDURE 

4.1. INTRODUCTION  

A series of nine centrifuge tests were conducted to investigate potential drained instability and 

triggers of undrained instability. This chapter provides a description of the design and 

methodology of each test. The relevant scaling laws for centrifuge modelling are discussed, 

with a particular focus on the effect of pore fluid viscosity. The centrifuge setup and equipment 

used are presented, including modifications made to the centrifuge package for the various tests. 

Detailed descriptions of the different model preparation methods are provided, and the section 

is then concluded with an outlined of the testing program and procedural steps followed. 

4.2. PRINCIPLE OF CENTRIFUGE MODELLING  

4.2.1. Scale relationship and scaling laws 

Element tests, such as triaxial or direct simple shear tests, are useful in characterising the 

complex behaviour of soil specimens due to the strict control of boundary conditions offered. 

However, such tests cannot capture the behaviour of more elaborate boundary value problems 

such as tailings slopes. As discussed in Section 2.7, physical modelling ï specifically centrifuge 

modelling ï is employed to more accurately simulate soil behaviour under field condition. In 

centrifuge modelling, reduced-scale models are constructed to replicate the geometry and stress 

states of full-scale geotechnical structures, referred to as the prototype. As the behaviour of soil 

is highly non-linear, the stress state will govern whether the soil contracts, dilates or undergoes 

phase transformation.  

These small-scale models are accelerated in a geotechnical centrifuge to increase the stresses 

experienced by the model, allowing for stress states that realistically reflect those in the field. 

To ensure that other physical processes and behavioural characteristics in the model correspond 

with those of the prototype, appropriate scaling laws must be applied. The following sections 

introduce and explain the scaling laws relevant to the centrifuge tests in this study. 

4.2.1.1  General scaling laws 

As discussed in Section 2.3.6, the initial state of soil significantly influences its response to 

shearing and its strength characteristics. While the initial void ratio, Ὡ, of the soil is an 

important factor, the stress, determined by self-weight, also defines the soilôs state. The core 

principle of geotechnical centrifuge modelling is to replicate the prototype's stress conditions 

in a scaled-down model by applying increased acceleration, discussed in Section 2.7.2.1. A 

summary of the relevant scaling laws for this study is presented in Table 4-1. 
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Table 4-1: Relevant scaling laws for centrifuge tests. 

Parameter Unit  Scale ἙἷἬἭἴἜἺἷἼἷἼὁἸἭϳ  

Acceleration ά ίϳ  ὔ 

Linear dimension ά ρὔϳ  

Stress Ὧὖὥ ρ 

Strain  ρ 

Density ὯὫάϳ  ρ 

Permeability ά ίϳ ρ 

Dynamic viscosity ὖὥȢί ρ 

Time ί ρὔϳ  

4.2.1.2  Scaling law for seepage flow (macroscopic scale) 

Askarinejad et al. (2015) described in detail two different scaling laws that are applicable to the 

centrifuge modelling of the triggering of slope failures. The first scaling law is that for seepage 

flow on a macroscopic scale. Seepage velocity is governed by Darcyôs law, expressed as: 

ὺ ὯὭ          (4.1) 

where ὺ, Ὧ, and Ὥ represent the flow velocity, Darcyôs permeability, and the hydraulic gradient, 

respectively. During the wetting process of a fully drained slope, where no excess pore 

pressures are generated, the slopeôs response is governed primarily by seepage. In the centrifuge 

model, when the same soil, hydraulic head, and pore fluid are used as in the prototype, certain 

scaling relationships hold, as discussed by Schofield (1980). 

The geometric scaling in the centrifuge ensures that the model length scales inversely with ὔ: 

          (4.2) 

Here, the subscripts ά and ὴ denote the model and prototype, respectively. As the seepage flow 

in the centrifuge model is driven by the full scale hydraulic head, but the flow path is called 

down, the hydraulic gradient is thus ὔ times higher. Subsequently, the flow velocity scales 

proportionally to the centrifuge acceleration: 

ὔ          (4.3) 

To determine the macroscopic seepage time, Ὕ , it is necessary to consider the 

relationship between flow velocity, length, and time. Since seepage time represents the time 
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required for water to flow through a characteristic length under the influence of a hydraulic 

gradient, it scales as: 

Ὕ          (4.4a) 

Substituting the scaling relationships for length and velocity yields: 

ȟ

ȟ

ϳ

ϳ

ϳ
       (4.4b) 

This indicates that macroscopic seepage processes in the centrifuge model occur ὔ  times faster 

than in the prototype. 

For soil movement resulting from inertial forces, the characteristic time scale Ὕ  

depends on the length scale and the acceleration scale. Assuming soil movement is governed 

by inertial forces, Ὕ  scales as: 

Ὕ ᶿ         (4.5a) 

Under centrifugal conditions, the acceleration in the model, ὥ , is ὔ times greater than the 

acceleration in the prototype, ὥ. Substituting these scaling relationships, Ὕ  scales as: 

ȟ

ȟ
Ͻ        (4.5b) 

Unlike seepage time (Eqn. 4.4b), soil movement time is only scaled by ρὔϳ  (Eqn. 4.5b). From 

these equations, it is evident that seepage processes and soil movement under inertial forces 

occur at different rates in the centrifuge model, leading to a mismatch in the scaling of these 

phenomena should they have to be scaled simultaneously. 

To simultaneously scale Ὕ  and Ὕ  correctly, the modelôs permeability can be 

artificially reduced by a factor of ὔ. As a result, the scaling law in Eqn. 4.3 changes to: 

Ͻ
ϳ
Ͻ ρ       (4.6) 

Meaning Eqn. 4.4b changes to: 

ȟ

ȟ
Ͻ         (4.7) 

Thus, the scaling laws for Ὕ  and Ὕ  are equal.  
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To reduce the permeability by ὔ, the particle size of the soil can be reduced or the viscosity of 

the pore fluid can be increased. Reducing particle size can significantly alter the density, stress 

conditions, and strength characteristics of the model, which may compromise the modelôs 

validity. Therefore, it is generally preferable to use the prototype soil and modify the pore fluid 

viscosity. By using a fluid with viscosity ὔ times higher than water, the scaling laws for 

Ὕ  and Ὕ  are equal without altering other scaling laws or soil properties. This 

approach ensures that the seepage behaviour in the centrifuge model is representative of 

seepage behaviour in the prototype system. 

4.2.1.3  Scaling law for liquefaction triggering (grain scale) 

While macroscopic scaling laws effectively describe the seepage flow, static liquefaction 

operates at the grain scale, involving the collapse of saturated voids in a loose soil 

(Take et al., 2004). Since this process depends on interactions between individual particles and 

the surrounding pore fluid, it requires a different approach to scaling compared to seepage 

(Askarinejad et al., 2015; Zhang & Askarinejad, 2021). 

When the model and prototype use identical soils, the physical dimensions of soil particles are 

not scaled. This is expressed as: 

ρ          (4.8) 

where ὒ  and ὒ are the characteristic particle dimensions in the model and prototype, 

respectively. 

The difference in scaling laws between the grain scale and macroscopic flow means that the 

pore fluid viscosity must be scaled differently for liquefaction triggering than for seepage flow 

(Askarinejad et al., 2015). To understand the timescales, consider a single soil particle 

accelerating from rest under constant force, such as gravity (Fig. 4-1). The time for a particle 

to travel a given distance, Ὕ , can be estimated as: 

Ὕ          (4.9a) 

where ὒ is the distance travelled by the particle. Assuming particle size and shape remain 

unchanged (Eqn. 4.8), but the acceleration scales in the centrifuge ὥ ὥϳ ὔ , Ὕ  

scales as: 
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Ȣ

Ȣ
Ͻ        (4.9b) 

 

Figure 4-1: The soil structure showing one particle impacting another (modified from 

Askarinejad, 2013). 

At the same time, the dissipation of positive excess pore pressures generated by particle settling 

is governed by Darcyôs law (Eqn. 4.1). The seepage velocity between the two points A and B, 

ὺ , is determined by the soilôs permeability, the hydraulic gradient, Ὥ , and the distance, Ὀ : 

ὺ Ὧ          (4.10a) 

ὺ ȟ Ὧ
ȟ

ὔὺ ȟ       (4.10b) 

Consequently, the time for dissipation of pore pressures, Ὕ , scales as: 

ȟ

ȟ
        (4.11) 

The different scaling laws for Ὕ  (Eqn. 4.9) and Ὕ  (Eqn. 4.11) mean that these 

processes, forming part of the liquefaction event, occur at different rates in the centrifuge 

model. To reconcile this, Askarinejad et al. (2015) recommended increasing the pore fluid 

viscosity in the centrifuge by Ѝὔ, upon which both processes will scale by ρὔϳ . 

In conclusion, as reported by Askarinejad et al. (2015), for seepage velocity scaling, the 

viscosity of the pore fluid should be ὔ times higher than that of water. However, for accurately 

modelling the triggering of static liquefaction at the grain scale, the viscosity should be 

A B
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increased by a factor of Ѝὔ. Selecting the appropriate viscosity ensures that either the 

macroscopic or the grain-scale processes are correctly scaled in the centrifuge, but not both. 

The choice depends on the objective of the test. 

4.2.2. Effect of pore fluid viscosity 

As outlined in Section 4.2.1, adjusting the viscosity of the pore fluid is necessary to satisfy 

specific scaling laws. The appropriate increase in viscosity depends on whether a macroscopic 

(seepage flow) or microscopic (grain-scale liquefaction) mechanism is being modelled. 

However, irrespective of the scaling law being addressed, changing the pore fluid viscosity 

significantly influences the pore pressure response during slope failure, particularly its 

dissipation rate and associated failure mechanisms. 

Stewart et al. (1998) conducted centrifuge tests on sand slopes saturated with both water and a 

fluid with ten times the viscosity of water, under seismic loading. The magnitudes of excess 

pore pressures generated during failure events were similar in both models, but the dissipation 

rates differed markedly. The viscous fluid slowed the dissipation of excess pore pressures 

compared to the water-saturated model, prolonging the loss of shear strength. Notably, the study 

did not mention any observed deformations or movements, making it unclear how the slowed 

dissipation affected failure modes or slope stability in comparison to other studies. It is also 

important to note that the tests were conducted at different g-levels than subsequent studies, 

making direct comparisons challenging. 

Askarinejad et al. (2015) investigated slope responses to rainfall events with two centrifuge 

models: one saturated with water and another with a fluid Ѝὔ times more viscous than water. 

The water-saturated slope exhibited continuous but smooth deformations without triggering 

failure. Conversely, the model with the viscous fluid experienced large deformations and 

persistent movements at the toe, even after rainfall had ceased. These differences were 

attributed to the slower dissipation of excess pore pressures in the viscous fluid model, which 

prolonged the duration of weakened shear strength and resulted in more pronounced slope 

instability. 

Zhang & Askarinejad (2021) extended this understanding by conducting centrifuge tests on 

submarine slopes subjected to progressive increases in slope angle (tilting). Tests were 

performed using water and fluids with viscosities of Ѝὔ and ὔ times that of water. It was 

observed that as pore fluid viscosity increased, failure occurred at lower mobilised friction 

angles. The slowed dissipation of excess pore pressures in the viscous fluid models increased 

the likelihood of the behaviour transitioning from drained to undrained conditions. Higher peak 



4-7 

excess pore pressures were recorded with increasing viscosity, leading to partially undrained 

conditions where soil shearing generated excess pore pressures that dissipated concurrently. 

This phenomenon underscores the critical role of pore fluid viscosity in controlling the rate of 

pore pressure dissipation and the resulting failure mechanisms. 

Across these studies, several common observations emerge: 

1. Increasing pore fluid viscosity consistently slows the dissipation of excess pore 

pressures, regardless of the loading or failure mechanism. 

2. The use of viscous fluids often results in more severe or pronounced slope instability 

due to the more prolonged loss of shear strength. 

3. Higher viscosities shift the behaviour toward undrained conditions, as the ability to 

dissipate pore pressures diminishes. 

However, notable differences exist as well: Stewart et al. (1998) did not observe significant 

changes in pore pressure magnitudes or provided insights into deformation behaviour, unlike 

Askarinejad et al. (2015) and Zhang & Askarinejad (2021). Additionally, Zhang & Askarinejad 

(2021) specifically demonstrated that the use of a fluid with viscosity ὔ times that of water is 

essential for accurately scaling seepage behaviour, whereas Ѝὔ-viscous fluids are better suited 

for modelling liquefaction triggering. 

These findings underscore the challenge of achieving appropriate scaling for both seepage and 

liquefaction processes in centrifuge tests. Viscosity scaling laws are inherently incompatible 

for simultaneously modelling seepage time ὔ  and liquefaction triggering at the grain scale 

Ѝὔ . In this study, two different fluids were employed. Water was used to establish a baseline 

system, as its behaviour provides a lower-bound condition (Ng et al., 2022). If failure occurs 

with water, it will certainly occur, and potentially more dramatically, with a more viscous fluid. 

To study the grain-scale mechanisms of liquefaction triggering, tests were repeated with a fluid 

Ѝὔ times more viscous than water. Notably, no tests utilised a fluid with viscosity ὔ times that 

of water, as seepage behaviour was not a primary focus of this study.  

4.2.3. Viscous pore fluid 

A glycerine-water mixture was chosen for all tests involving a viscous fluid. Crous (2022) 

conducted viscosity tests on various glycerine-water mixtures at different glycerine 

concentrations (Fig. 4-2), measuring viscosities with a rheometer at a constant temperature of 

25ÁC. These measurements, taken across different shear strain rates (s ĭ), confirmed that each 

mixture behaves as a Newtonian fluid. With the centrifuge tests conducted at an acceleration of 
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30 g, a fluid viscosity of Ѝσπ times that of water was required, corresponding to a mixture 

containing 53.5% glycerine by mass. 

 

Figure 4-2: Viscosity (mPa.s) of glycerine-water mixtures at different concentrations of 

glycerine and shear strain rates (▼ ) (modified from Crous, 2022). 

4.3. CENTRIFUGE PACKAGE  

The centrifuge tests in this study were conducted at the geotechnical centrifuge facility at the 

University of Pretoria (Jacobsz et al., 2014). This centrifuge has a radius of 3 m from the axis 

of rotation to the model platform and a capacity of 150 g-ton. 

All models used a standard centrifuge package, with specific modifications discussed later in 

the respective sections. The main components of the centrifuge package included: 

¶ A model container (often referred to as a strongbox) 

¶ A groundwater control system 

¶ The model slopes 

¶ Relevant instrumentation 

4.3.1. Model container 

The model container and slope geometry used in this study were similar to those of Crous 

(2022) and Ng et al. (2023), shown in Fig. 4-3. The container is built with 50 mm thick 

aluminium walls, with one side featuring a 50 mm thick glass viewing window. The interior 

dimensions of the container are 800 mm (length) × 160 mm (width) × 400 mm (height). 

The potential influence of model boundaries on failure development was carefully considered. 

The slope geometry was positioned with sufficient distance from the side walls of the container. 

Ng et al. (2023) noted no signs of boundary-induced constraint or reflection. It was noted that 

all movements remained within the central portion of the slope. These observations indicate 
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that boundary effects were minimal, and the results reflect realistic slope behaviour under the 

applied triggers. 

The general test setup, modelling procedure and sequence of events throughout the various tests 

were similar, with differences discussed in the following sections. In general, the model slopes 

were accelerated in the centrifuge. Once at the design acceleration, the slopes were wetted using 

the dedicated groundwater control system to establish a water table. Once close to failure, the 

respective triggers were applied to the slopes.  

To prevent erosion caused by preferential flow paths forming along the sides of the model 

during wetting, aluminium fluid diverters and a coarse sand filter were installed upstream of 

the model slope (Crous et al., 2022). Additionally, a thin layer of silicone was applied to the 

base of the model container to minimise preferential flow along the bottom boundary. As 

discussed in the previous section, the tests employed either water or a viscous fluid as the pore 

fluid, necessitating two distinct groundwater control systems (discussed below). Fig. 4-3 

illustrates the general setup used in all the centrifuge tests. 

 

Figure 4-3: General centrifuge package used for the centrifuge tests. 

4.3.2. Groundwater control system 

All model slopes in this study were initially unsaturated. Before any triggers could be applied, 

a water table was established. The groundwater control system was based on that described by 

Ng et al. (2023) and comprised a fluid supply system, perforated divider plate, aluminium angle 

profiles acting as fluid diverters at the toe and against the model side walls, and an outlet. 

A fluid reservoir was created at the upstream side of the slope using a perforated plate as the 

perforated plate divider (Fig. 4-4). The plate contained holes, permitting fluid flow from the 

reservoir into the slope, while a geotextile covering prevented sand from entering the reservoir. 
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This setup allowed for precise control over the hydraulic head applied to the upstream section 

of the slope, as described below. 

 

Figure 4-4: (a) Perforated divider plate; (b) perforated divider plate and fluid diverters 

installed in the model container (modified from Crous, 2022). 

For tests using water as the pore fluid, the centrifuge's dedicated water control system was 

employed. A water supply pipe connected to the inlet (Fig. 4-3) was regulated from the 

centrifuge control room by adjusting a supply valve, allowing control over the flow rate. A 

pressure transducer at the inlet measured hydraulic head in the reservoir, and the water level at 

the upstream side was visually monitored to adjust the supply valve as needed. Near the toe of 

the slope, an aluminium fluid diverter (Figs. 4-3 and 4-4(b)) was installed at the same level as 

the toe. As the water table rose, the water level reached the toe before any trigger was applied, 

ensuring full saturation in this area. Once the fluid was level with the toe, it flowed over the 

diverter and out of the model container, preventing submersion of the slopes. 

(a) Perforated

divider plate

Aluminium

fluid diverters

Aluminium

fluid diverter

(b)
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For tests with a viscous pore fluid, a setup similar to those in Crous (2022), Crous et al. (2022), 

and Ng et al. (2023) was used. A fluid storage tank was positioned near the centrifugeôs rotation 

centre at an elevated level, providing hydraulic head for fluid flow from the tank to the model 

container. A solenoid valve installed at the inlet, connected to the storage tank, was controlled 

from the centrifuge control room, enabling precise control of the hydraulic head in the reservoir. 

A pressure transducer monitored the fluid pressure in the reservoir. 

As in tests using water, an aluminium fluid diverter was placed at the toe of the slope. An outlet 

storage tank was connected to the model containerôs outlet, allowing viscous fluid that flowed 

over the diverter to drain into the outlet storage tank. 

4.4. INSTRUMENTATION  

To capture the response of the model slopes during testing, instrumentation was carefully 

selected and installed. Pore pressure changes were recorded using tensiometers, slope 

deformation was tracked with linear variable differential transformers (LVDTs), and total stress 

was monitored with miniature stress cells. 

4.4.1. Pore pressure measurement 

Understanding pore pressure changes is essential to analysing both the slopeôs response at the 

onset of failure and its behaviour during failure, as these changes impact effective stress and 

thus shear strength (Section 2.3). In this study, the slopes were initially in an unsaturated state, 

transitioning to saturated conditions as the water table rose. To capture both positive and 

negative pore pressures throughout this process, custom tensiometers designed at the University 

of Pretoria (Jacobsz, 2018; Le Roux & Jacobsz, 2021) were used (Fig. 4-5). These tensiometers 

consist of a porous ceramic filter, a pressure sensor, structural epoxy resin, and a 4-core 

electrical wire. The primary advantage over conventional pore pressure transducers is their 

ability to measure suctions (negative pore pressures) as well as positive pressures, enabling full 

coverage of the pore pressure spectrum. The pressure sensor has a rated capacity of +700 kPa, 

while the negative range is limited by the air-entry value (AEV) of the ceramic, selected as 

100 kPa to ensure rapid response. While the main focus of the study was on drained and 

undrained behaviour, the inclusion of suction data enabled better representation of initial 

conditions in the numerical models, especially where unsaturated zones persisted. This 

additional data did not complicate interpretation but rather enhanced the understanding of pore 

pressure evolution prior to failure. Tensiometers were strategically placed within the slopes to 

capture the pore pressure profile. Design and construction details of the tensiometers are 

provided in Appendix A. 
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Figure 4-5: University of Pretoria tensiometer. 

To ensure fast response times, tensiometers underwent a thorough saturation process, which is 

based on the procedure proposed by Take & Bolton (2003). Initially, they were dried in a 65°C 

oven, then placed in a custom saturation cell where a vacuum was applied to remove trapped 

air. The cell was slowly filled with de-aired water under vacuum. When the tensiometers were 

submerged, the vacuum was released. Upon releasing the vacuum, the water was drawn into 

the tensiometers, achieving initial saturation. To finalise saturation, the cell pressure was 

increased to around 600 kPa, and the tensiometers were left pressurised overnight. Calibration 

then followed by following a loading and unloading phase in which the cell pressure was varied 

between 0 to 500 kPa in 100 kPa increments. Based on Jacobsz (2018), the tensiometers' linear 

calibration for positive pressures was extrapolated for negative pressures. Appendix A details 

the calibration process.  

4.4.2. Settlement measurement 

LVDTs were installed on the slopes to monitor deformation during testing, with the number 

and positioning of LVDTs tailored to each testôs requirements. The LVDTs used have a Ñ5V 

output and a stroke length of 60 mm. Before accelerating the models in the centrifuge, each 

LVDT spindle and plunger were adjusted to optimise measurement range. An example LVDT 

is shown in Fig. 4-6. 

 

Figure 4-6: Linear variable differential transformer.  
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4.4.3. Total stress measurement 

Miniature total stress cells (Fig. 4-7) were installed in certain tests to record changes in total 

stress within the slopes during specific triggers and failure events. Narainsamy (2024) noted 

that measurements may underestimate the true total pressure due to either cell deflection or 

arching effects as the soil shears. Although some values may have been undermeasured, the 

cells still provided valuable qualitative insights into stress changes and failure mechanisms. 

 

Figure 4-7: Miniature total stress cells. 

The stress cells were calibrated within the centrifuge. They were placed flat (horizontally 

orientated) in an empty model container and subjected to incremental increases in acceleration 

(5 g steps up to 50 g) to confirm that elevated acceleration levels did not affect their response. 

Calibration then involved filling the model container with 200 mm of water, placing two 

calibrated tensiometers adjacent to the stress cells for verification (Fig. 4-8). The container was 

again accelerated incrementally up to 50 g. Details of the calibration process are outlined in 

Appendix A. 
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Figure 4-8: Calibration of miniature total stress cells in model container. 

4.5. VISUAL MONITORING ARRANGEMENTS  

Since the models were constructed to simulate plane strain conditions, the side view through 

the viewing window effectively represented the entire slope model. This view enabled detailed 

analysis of slope deformation during inundation and provided clear observation of slope failure 

mechanisms. Two visual monitoring methods were used: traditional photography and 

videography for visual monitoring and particle image velocimetry (PIV) analysis.  

4.5.1. Photography and videography of centrifuge tests 

Three cameras were employed in this study. A digital single-lens reflex (DSLR) camera was 

positioned perpendicular to the modelôs viewing window, capturing high-resolution colour 

images of the slopes. This setup allowed for capturing images at intervals as frequent as once 

every three seconds. However, this rate was insufficient to document some rapid failure events, 

prompting the addition of a video camera alongside the DSLR. The video camera recorded at a 

resolution of 1920  1080 pixels with a frame rate of 30 frames per second. The two cameras 
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together allowed for capturing the slope response during the entirety of the tests, including the 

failure events. The DSLR camera and the video camera were used for PIV analyses (discussed 

below). However, after initial tests, the resolution of the video camera was deemed insufficient 

for PIV analysis and was thus replaced by a higher resolution high-speed camera. This camera 

is capable of capturing high resolution black and white images at 100 frames per second. 

The visual monitoring system used was constrained by the available camera resolution and 

lighting conditions in the centrifuge chamber. While sufficient to identify overall deformation 

trends and shear zones, smaller-scale displacement accuracy (for PIV) could be improved with 

higher-resolution systems. Future studies may benefit from advances in imaging hardware to 

enhance the precision of optical measurements. 

4.5.2. Particle image velocimetry 

The PIV technique as used in centrifuge modelling, also referred to as digital image correlation, 

was developed and validated by White et al. (2003), and allows non-contact measurements of 

soil deformation. The approach is based on dividing an image into a region of interest, whereby 

the position of individual subsets (patches) is tracked between successive photographs. This 

technique combines digital photography, close-range photogrammetry, and PIV. Further details 

on the underlying PIV theory are provided in White (2002), White et al. (2003) and Take 

(2003). The most recent iteration of PIV, GeoPIV-RG, was used for the PIV analyses. More 

detail on GeoPIV-RG is provided by Stanier et al. (2015). 

In this study, PIV was applied to analyse soil response during the triggering events and failure 

in three centrifuge tests. The DSLR cameraôs image capture frequency was insufficient for PIV 

analysis for most tests. However, one test discussed later in this report did yield DSLR images 

suitable for PIV analysis. The resolution from the video camera did not meet the resolution 

needed for PIV analysis. The high-speed camera could capture images at high enough quality 

and speed for PIV analysis. 

4.6. PREPARATION OF MODEL SLOPES  

This section describes the preparation methods and specific conditions for each centrifuge 

model. Table 4-2 summarises the series of centrifuge tests, detailing each test and model 

conditions. Before elaborating on model preparation, preliminary limit equilibrium (LE) 

analyses were conducted to assess when the drained factor of safety of the slopes approached 

one, which informed when to apply the triggers in the centrifuge tests. These LE analyses are 

discussed in Chapter 5, where the numerical analysis procedures for this study are presented. 
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The slope in each model was designed to represent a simplified section of contractive tailings 

within the impoundment dyke of a tailings dam. The structural features of upstream, centreline, 

or downstream embankment zones were not included in these models. 

Table 4-2: Details of the centrifuge testing programme. 

Test ID Pore Fluid Initial Void Ratio, Ὡ Trigger 

R1-W Water 0.57 Rising water table 

R2-W Water 1.00 Rising water table 

R3-G Glycerine mixture Ѝὔ  0.90 Rising water table 

L1-W Water 1.00 Loss of confinement 

L2-G Glycerine mixture Ѝὔ  0.90 Loss of confinement 

B1-W Water 0.90 Buttress at toe 

B2-G Glycerine mixture Ѝὔ  0.90 Buttress at toe 

S1-G Glycerine mixture Ѝὔ  0.90 Surcharge at crest 

ST1-G Glycerine mixture Ѝὔ  0.90 Standpipe 

R ï Rising water table; L ï Loss of confinement; B ï Buttress at toe; S ï Surcharge at crest; 

ST ï Standpipe; W ï Water; G ï Glycerine mixture. 

4.6.1. Preparation of soil samples 

The Cullinan sand described in Chapter 3 was used for all model slopes. To ensure consistency, 

the sand was oven-dried at 65°C for at least 48 hours prior to preparation. The model in Test 

R1-W was prepared using the slurry deposition (SD) method to prepare a dense sample, while 

the remaining slopes were prepared with the moist tamping (MT) method. For the MT method, 

the sand was mixed with water to achieve a 4% gravimetric water content (GWC), sealed in 

plastic bags, and left to equilibrate for 48 hours. Moisture content uniformity was verified 

through sampling. 

4.6.2. Formation of the model slopes 

To manage seepage, two aluminium angle profiles acting as fluid diverters were installed near 

the reservoir (Fig. 4-9), to minimise the occurrence of piping against the model container side 

walls where preferential flow paths tended to form. In addition, a 30 mm wide sand filter 

composed of coarse sand (saturated permeability of ~10-4 m/s) was placed at the upstream side 

between the aluminium fluid diverters and densified with a tamping rod. As discussed by 

Crous et al. (2022), this filter allowed the fluid to seep evenly through the coarse filter before 

reaching the slope, minimising the potential for internal erosion and preferential flow against 

the model boundaries. 
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Figure 4-9: View of fluid diverters (modified from Crous, 2022). 

4.6.2.1  Dense slope subjected to rising water table (R1-W) 

Test R1-Wôs model slope was prepared using the SD method to create a dense slope. Sand and 

water were mixed directly in the container and continuously agitated to maintain a uniform 

slurry. After filling, the model was accelerated to 30 g, draining water at 30 g and further 

consolidating the sand. The model was decelerated to collect moisture content samples and to 

cut the slope. A void ratio of 0.57 at a GWC of 2.6%, determined using tube sampling after 

consolidation, was achieved. This corresponds to a relative density of 102%. The geometry of 

the final slope (Fig. 4-3) resulted in a state parameter, ‪, of -0.30 to -0.21 at 30 g, assuming a 

ὑ of 0.5 (Narainsamy, 2024). The sand was therefore in a dense state with an expected dilative 

response. The determination of the state of the slope is discussed further in Chapter 6. No 

tensiometers or LVDTs were installed in R1-W, as interest was primarily on observing pore 

pressure responses in looser slopes. Water was used as the pore fluid, with the modelling 

procedure outlined in Section 4.7. Fig. 4-10 shows the final slope. 
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Figure 4-10: Completed model R1-W. 

4.6.2.2  Loose slopes subjected to a rising water table (R2-W and R3-G) 

The slopes in Tests R2-W and R3-G were prepared with the MT method to achieve loose 

specimens (Cai, 2001) and a fabric susceptible to liquefaction (Chang et al., 2011). The two 

tests used water and glycerine as their pore fluid, respectively. A steel plate was installed along 

the fluid diverters to separate the filter from the model slope during construction (Fig. 4-3). 

Sand was compacted in six 50 mm layers, with density controlled by placing pre-weighed sand 

and compacting to the target thickness. Each layer was scarified before adding the next to 

ensure good interlayer contact. 

For R2-W, the initial void ratio was 1.0, exceeding the maximum void ratio (Table 3-1), which 

was made possible due to the presence of matric suction (Cai, 2001). Significant settlement 

observed during acceleration suggested the soil was extremely loose. In R3-G, the target void 

ratio was reduced to 0.9 (14% relative density) to limit settlement during acceleration and 

wetting. An aspect to note, the density of the loose slopes still changed during testing. Thus, 

the distribution of the state parameter throughout all of the loose slopes are discussed further in 

Chapter 6.  

To aid flowline visibility, potassium permanganate was applied in R2-Wôs sand filter. This was 

not repeated in other tests and is not referred to again in this report. Black-dyed sand was 

compacted between layers along the viewing panel for easier identification of slip surfaces in 

test R3-G. Both models were instrumented with tensiometers, LVDTs and, in test R3-G, total 

stress cells (Fig. 4-11). Fig. 4-12 shows the finished model slope with the instrumentation 

installed, with further details in Appendix A. 
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Figure 4-11: Initial geometry and instrumentation for model slope in (a) Test R2-W; (b) 

Test R3-G. 

 

Figure 4-12: Completed centrifuge model with instrumentation installed. 
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4.6.2.3  Loose slopes subjected to a loss of confinement (L1-W and L2-G) 

Wagener (1997) and Wagener et al. (1998) explained that the overtopping of the Merriespruit 

tailings dam resulted in a loss of confinement at the toe of the slope (Section 2.2.2.1). This 

triggered an initial slip failure, which triggered a series of subsequent slip failures. Tests L1-W 

and L2-G were designed to investigate the slope response and failure mechanism during a loss 

of confinement at the toe of the model slope. 

To study responses to loss of confinement, tests L1-W and L2-G were constructed similarly to 

R2-W and R3-G, but with an additional section at the toe removed to simulate confinement 

loss. A geotextile-covered perforated steel plate, which was permeable to the pore fluid, 

provided mechanical confinement. It was removed rapidly during testing using a pneumatic 

actuator (Fig. 4-13). L1-W ( initial void ratio of 1.0) used water as the pore fluid, while L2-G 

(initial void ratio of 0.9) used a viscous fluid. Test L1-W was equipped with a single LVDT at 

mid slope due to space limitations, while L2-G had an additional LVDT at the crest and total 

stress cells. Instrument placement is detailed in Appendix A. Fig. 4-14 shows a finished model 

slope with instrumentation installed. 

 

Figure 4-13: Initial geometry and instrumentation for the model slope in Tests L1-W and 

L2-G. 
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Figure 4-14: Completed model L1-W with instrumentation installed. 

4.6.2.4  Loose slopes subjected to the rapid construction of a buttress (B1-W and B2-G) 

As discussed in Section 2.2.2.5, the rapid construction of a buttress could generate excess pore 

pressures, triggering a loss of shear strength and slope failure. Tests B1-W and B2-G were 

conducted to investigate this potential trigger.  

Tests B1-W and B2-G were constructed similarly to R2-W and R3-G, each at an initial void 

ratio of 0.9. A sand hopper attached to an actuator simulated buttress construction, with sand 

discharged at the toe of the slope upon opening (Fig. 4-15). Models B1-W and B2-G had 

LVDTs and tensiometers in the same locations. Total stress cells were installed in test B2-G 

with orientations to allow for both vertical and horizontal total stress measurements. Test B1-

W used water, and B2-G used a viscous fluid. Fig. 4-16 shows a fully constructed B1-W model 

with installed instrumentation, with location details in Appendix A. 
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Figure 4-15: Initial geometry and instrumentation for the model slope in Tests B1-W and 

B2-G. 

 

Figure 4-16: Completed model B1-W with instrumentation installed. 

4.6.2.5  Loose slope subjected to rapid surcharge loading at the crest (S1-G) 

As discussed in the previous section, the rapid construction of a buttress could generate excess 

pore pressures. While the surcharge loading in tests B1-W and B2-G focused on the loading at 

the toe, surcharge loading may also take place at the slope crest (e.g. due to deposition of a new 

lift). To investigate the response of the slope, test S1-G was designed and conducted. Test S1-

G was built as B1-W and B2-G but with the sand hopper positioned at the crest (Fig. 4-17). 

Viscous fluid was used in this test. Instrumentation locations are shown in Fig. 4-17, with more 

details in Appendix A. Fig. 4-17 shows the side profile of the final constructed model with the 

instrumentation installed.  
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Figure 4-17: Initial geometry and instrumentation for the model slope in Test S1-G. 

 

Figure 4-18: Completed model S1-G with instrumentation installed. 

4.6.2.6  Loose slope subjected to borehole drilling (ST1-G) 

As discussed in Section 2.2.2.4, there are two main hypotheses regarding the Brumadinho 

tailings dam failure. Robertson et al. (2019) hypothesised that continuous creep over time 

resulted in the cementation being broken, triggering a sudden loss of shear strength known as 

creep rupture.  

The second hypothesis as provided by CIMNE (2021) is related to percussion drilling that was 

taking place on the facility at the time of failure. Borehole drilling was taking place on the dam. 

It was hypothesised that a hydraulically continuous layer of soil was present in the dam and 

that water was injected into it when the drill reached that layer, triggering a sudden spike in 

pore pressure (and loss of shear strength), resulting in the subsequent failure of the slope.  
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An investigation involving cementation and creep rupture (Robertson et al., 2019) is not in the 

scope of this study. However, the trigger hypothesised by CIMNE (2021) was investigated. In 

this model, the slope was also constructed by moist tamping six layers to a void ratio of 0.9. To 

replicate pore pressure changes associated with borehole drilling, test ST1-G included a 

150 × 25 mm coarse sand layer within the slope (Fig. 4-19). A standpipe connected to a 

solenoid valve (located above the model container) and overflow system allowed fluid injection 

into this layer. Test ST1-G used viscous pore fluid, with the model setup shown in Fig. 4-20. 

 

Figure 4-19: Initial geometry and instrumentation for the model slope in Test ST1-G. 

 

Figure 4-20: Completed model ST1-G with instrumentation installed. 
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4.7. TEST PROGRAMME AND PROCEDURE  

All centrifuge tests in this study followed a standardised procedure, with variations as detailed 

below. Centrifugal acceleration was gradually increased from rest in 10 g increments until the 

design acceleration was reached. At the design acceleration, establishment of the phreatic 

surface was initiated using the setup described in Section 4.3.2, where the hydraulic head in the 

reservoir was raised to the targeted level, where it was maintained for the duration of testing. 

Fluid seeped through a perforated plate into the slope, establishing the water table. This process 

continued until the various triggers investigated were applied to the models. After trigger 

application which normally resulted in slope failure, the centrifuge was stopped. 

Instrumentation was monitored throughout each test, with the sampling rate adjusted from 

10 Hz in initial tests to 100 Hz in later tests for improved data resolution.  

While a near-surface water table can represent a critical or worst-case scenario, such a condition 

was not present during the tests and would not have reflected the staged sequence in tailings 

dams, as well as these centrifuge tests. Nevertheless, future numerical studies could benefit 

from simulating fully saturated slopes to examine stability under extreme or post-failure pore 

pressure regimes. 

In tests R1-W, R2-W, and R3-G, the phreatic surface was progressively raised until drained 

instability occurred. For tests L1-W and L2-G, the phreatic surface was raised to just below the 

top of the perforated plate at the toe. Once this target water level was reached, an actuator 

rapidly retracted the plate, removing confinement and triggering slope failure. 

As discussed further in Section 6.2, failure in tests R1-W, R2-W, and R3-G was triggered once 

the water table saturated the toe. However, in tests B1-W and B2-G, application of a trigger of 

undrained instability was required before drained instability could occur. For these tests, the 

phreatic surface was raised near the toe but without triggering instability. At this stage, an 

actuator activated the hopper, discharging sand at the toe. Test S1-G followed a similar 

approach, with the sand discharged at the slope crest instead of the toe. 

In test ST1-G, a phreatic surface was first established. Before the water table reached the toe, a 

solenoid valve connected to the standpipe was opened, injecting viscous fluid into the 

hydraulically continuous sand layer, which triggered slope failure.
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5. NUMERICAL ANALYSIS 

5.1. INTRODUCTION  

A key objective of this research was to determine whether undrained conditions could trigger 

failure in slopes that were otherwise stable under drained conditions. Various triggers were 

applied in the centrifuge tests, but instability only developed when the drained factor of safety 

(FoS) was already close to unity (discussed further in Chapter 6). It was therefore necessary to 

first establish the drained stability of the slopes before assessing the feasibility of triggering 

failure through different mechanisms. 

To achieve this, preliminary limit equilibrium (LE) analyses were conducted to determine when 

the drained factor of safety (FoS) approached one and guide the design of the centrifuge tests. 

It provided guidance on when to apply the respective triggers, as it was necessary to subject the 

triggers to the slopes before drained instability. Following the centrifuge tests, refined LE 

analyses were performed to provide a more detailed assessment of drained stability before 

progressing to more advanced numerical back-analyses. 

While LE methods are widely used in engineering practice due to their simplicity, they rely on 

pre-defined failure surfaces and do not account for soil stress-strain behaviour. To overcome 

these limitations, finite element method (FEM) back-analyses were conducted using a critical 

state-based constitutive model to simulate the evolution of pore pressures, stresses, and 

deformations leading to failure. These analyses provide insight into the mechanisms governing 

instability in marginally stable slopes, particularly in cases where drained conditions may 

transition towards partially drained or undrained behaviour. 

Although the results of these numerical analyses are compared with centrifuge observations in 

subsequent chapters, this chapter focuses solely on the numerical modelling methodology, 

detailing the approach, assumptions, and implementation of both the LE and FEM analyses. 

5.2. LIMIT EQUILIBRIUM  ANALYSES 

Preliminary LE analyses served two main purposes: 

¶ To identify credible triggers for slope failures objectively. 

¶ To guide the design of certain centrifuge tests outlined in Chapter 4. 

Each preliminary analysis employed the same layout and methodology, using the commercially 

available software, SEEP/W (FEM) and SLOPE/W (LE). Pore water pressures were estimated 

using either steady state or transient seepage analysis, as specified below. All analyses were 
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conducted at prototype scale. For the LE slope stability analyses the Morgenstern-Price method 

of slices (Morgenstern & Price, 1965) was used. A minimum slip surface depth of 3 m was 

specified and slip surfaces were generated using the entry and exit method. 

The Mohr-Coulomb strength model was used in all preliminary LE analyses. A friction angle, 

 ᴂ, of 33° was applied (Section 3.3), along with an effective cohesion, ὧᴂ, of 1 kPa. 

Adjustments were made to the saturated unit weight, ‎ , to align with the initial void ratios, 

Ὡ, of the centrifuge tests (Table 4.2). Specifically, for test R1-W, ‎  was set to 20.4 kN/m3, 

and for tests with void ratios of 1.0 and 0.9, ‎  values of 18.1 kN/m3 and 18.6 kN/m3, 

respectively, were applied.  

As the analyses were conducted at prototype scale, the permeability of the soil in the transient 

analyses had to be appropriately scaled to ensure the results represented the physical processes 

observed in the centrifuge tests. As discussed in Section 4.2, the gravitational acceleration is 

increased by the scaling factor ὔ, which affects the times scale for fluid seepage and 

consolidation. To account for this, the permeability used in the analyses throughout this study 

was scaled, such that the prototype permeability, Ὧ, is given by: 

Ὧ Ὧ Ͻὔ         (5.1) 

where Ὧ  is the permeability of the model. This adjustment ensures that seepage and pore 

pressure dissipation in the centrifuge tests are correctly represented under prototype conditions 

in terms of seepage time. Additionally, as time in the centrifuge model, ὸ , scales as: 

ὸ ὸȾὔ         (5.2) 

where ὸ is time in the prototype, adjusting for the permeability ensures that the time-dependent 

processes such as drainage and consolidation align with the prototype behaviour. Thus, for 

analyses replicating models where water was used, the permeability was scaled by ὔ (i.e. 

increased by 30 times) to 2.0  10-4 m/s, assuming a void ratio of 0.9. 

When a viscous fluid is used as the pore fluid, the measured permeability must also account for 

the increased fluid viscosity. The effective permeability in the model, Ὧ ȟ , is related to 

the permeability for water, Ὧ ȟ , by: 

Ὧ ȟ Ὧ ȟ Ͻ        (5.3) 

where ‘  and ‘  are the viscosities of water and the viscous fluid, respectively. For a 

fluid with a viscosity Ѝσπ times that of water: 
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Ὧ ȟ
ȟ

Ѝ
        (5.4) 

This adjusted permeability should then be scaled by Ѝὔ for use in the analyses, ensuring 

consistency with the prototype. Thus, for tests utilising a viscous fluid, the permeability was 

increased by Ѝσπ to 3.6  10-5 m/s.  

Following the centrifuge tests, LE back-analyses were performed. For the LE back-analyses of 

these centrifuge tests, the methodology was modified slightly to utilise the Stress History and 

Normalised Soil Engineering Properties (SHANSEP) model. 

5.2.1. SHANSEP model 

The SHANSEP model is a well-established empirical approach to apply undrained shear 

strength within the model. As discussed in Section 2.8, one fundamental assumption of the 

Global Industry Standard on Tailings Management (GISTM) (ICMM, 2020) is that of 

undrained shear strength, assuming that if a material is susceptible to liquefaction, it will behave 

as such. This assumption is implemented by assigning a yield strength ratio (YSR) or liquefied 

strength ratio (LSR) to liquefiable materials in slope stability assessments. The SHANSEP 

model uses the YSR or LSR to normalise the undrained shear strength, ί, or critical state 

strength, ί , by the initial vertical effective stress, „ᴂ  (see Eqns. 2.9 and 2.10). By employing 

YSR or LSR, the SHANSEP model allows for the shear strength to be represented in terms of 

the vertical effective stress throughout the slope. 

5.2.2. Slopes subjected to a rising water table (R1-W, R2-W and R3-G) 

In tests R1-W, R2-W, and R3-G, slopes were subjected to a rising water table until drained 

instability occurred. To pinpoint when this would occur, analyses were conducted, with the 

mesh and geometry shown in Fig. 5-1. In a series of transient seepage analyses in SEEP/W a 

total head of 7.5 m was applied at the slopeôs upstream section (Fig. 5-1(a)). This resulted in 

the water table being raised progressively. The factor of safety (FoS) was calculated using the 

entry and exit method in SLOPE/W (Fig. 5-1(b)). When the FoS fell below one, drained 

instability was indicated (Crous, 2022). This process was repeated for each test, with density 

and permeability values adjusted as necessary. 
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Figure 5-1: Finite element mesh, dimensions and conditions for (a) transient seepage 

analyses; (b) stability analyses of tests R1-W, R2-W and R3-G. 

Following the three centrifuge tests (R1-W, R2-W, and R3-G), LE back-analyses were 

conducted. The water tables observed at the point of instability initiation were manually 

replicated within the models (Fig. 5-2). Drained stability analyses were conducted using the 

Mohr-Coulomb model, as described above. Notably, as discussed in the following chapter, 

volumetric contraction occurred due to inundation, leading to changes in void ratios throughout 

the tests. Table 5-1 summarises the void ratios and the saturated and unsaturated unit weights 

at failure for each model. The unsaturated unit weight was applied above the water table, while 

the saturated unit weight was applied below. This approach yielded the drained FoS values at 

the instance immediately prior to failure in the centrifuge tests.  
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Figure 5-2: Limit equilibrium models for back -analyses of tests (a) R1-W; (b) R2-W; (c) 

R3-G. 
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Table 5-1: Void ratios and unit weights of centrifuge tests at time of failure. 

Test Void ratio, Ὡ Unsaturated unit weight, 

‎  (kN/m3) 

Saturated unit 

weight, ‎  (kN/m3) 

R1-W 0.57 17.0 20.4 

R2-W 0.88 14.25 18.7 

R3-G 0.83 14.65 18.9 

L1-W 0.87 14.4 18.7 

L2-G 0.82 14.7 19.0 

B1-W 0.82 14.8 19.0 

B2-G 0.82 14.8 19.0 

S1-G 0.81 14.8 19.0 

ST1-G 0.82 14.7 19.0 

After determining the drained stability, the SHANSEP material properties were assigned to the 

soil beneath the water table to represent only the saturated material as potentially susceptible to 

undrained instability. This conservative assumption implies that all saturated material could 

undergo undrained instability. The YSR was then adjusted to the YSR necessary for the FoS to 

reach unity.  

5.2.3. Slopes subjected to a loss of confinement (L1-W and L2-G) 

Section 2.2.2.1 outlines how erosion-triggered loss of confinement at the toe led to the 

Merriespruit tailings dam failure. To replicate this scenario in physical modelling, tests L1-W 

and L2-G were designed. LE analyses for these tests adopted the same geometry as in Fig. 5-1 

but differed in key respects. Specifically, material was removed at the toe as discussed in 

Section 4.6.2.3. Additionally, pore pressures were defined by manually setting a water table 

based on FoS results from Section 5.2.2 analyses (Fig. 5-3), ensuring a FoS slightly above one 

before the toe section was removed. Stability analyses were then re-run with the material 

removed at the toe (Fig. 5-4) to confirm unstable conditions (drained).  
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Figure 5-3: (a) Water table for slope before drained instability; (b) FoS for defined water 

table. 

 

Figure 5-4: Dimensions and conditions for LE analyses on slopes subjected to a loss of 

confinement (models L1-W and L2-G). 

20 m

6.5 m

1
.5

 m

9
 m

Defined water table

0 kPa

20kPa

10kPa

30kPa

40kPa

50kPa

60kPa

70kPa

(a)

Entry and exit points

(b) 1.009

0 kPa

20kPa

10kPa

30kPa

40kPa

50kPa

60kPa

70kPa

20 m

6.5 m

1
.5

 m

9
 m

Removed section

Defined

water table

1
.5

 m

Entry and exit points

0 kPa

20kPa

10kPa

30kPa

40kPa

50kPa

60kPa

70kPa



5-8 

Following the centrifuge tests, LE back-analyses were also conducted for tests L1-W and L2-

G. As with the previous analyses shown in Fig. 5-2, the water tables observed at the time of 

instability were included in the models (Fig. 5-5). The initial drained FoS was calculated using 

the Mohr-Coulomb model, with the appropriate unsaturated and saturated unit weights above 

and below the water table (Table 5-1). The FoS was also recalculated after removing the soil at 

the toe. Following this, the SHANSEP model was applied below the water table, with the YSR 

varied to identify the YSR required for instability. 

 

Figure 5-5: Limit equilibrium models for back -analyses of tests (a) L1-W; (b) L2-G. 
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(Fig. 5-6(a)), with its height equalling two compacted layers. A spatial function was used to 

increase pore pressure within the slope beneath the buttress by an amount corresponding to the 

buttressôs weight, simulating rapid construction. A subsequent analysis with no excess pore 

pressures (Fig. 5-6(b)) assessed the stability gains if the buttress were built more gradually.  

 

Figure 5-6: Dimensions and conditions for LE analyses on (a) a slope with excess pore 

pressures generated by the immediate placement of a buttress (models B1-W and B2-G); 

(b) a slope with a buttress and no excess pore pressures. 
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Subsequently, the buttress was activated, and a spatial function was employed to increase pore 

pressure beneath the buttress, as shown in Fig. 5-6(a). Again, the SHANSEP model was applied 

below the water table, and the YSR necessary to trigger instability was identified. 

 

Figure 5-7: Limit equilibrium models for back -analyses of tests (a) B1-W; (b) B2-G. 
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Figure 5-8: Dimensions and conditions for LE analyses on (a) slope with excess pore 

pressures generated by surcharge loading at the crest (model S1-G); (b) slope with a 

surcharge load at the crest but with no excess pore pressures. 
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Figure 5-9: Limit equilibrium model for back -analysis of test S1-G. 
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Figure 5-10: Dimensions and conditions for LE analyses for a slope subjected to a 

borehole drilling trigger (model ST1-G). 
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Figure 5-11: Limit equilibrium model for back -analysis of test ST1-G. 
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stress paths, which aids in interpreting slope responses to various triggers. Since FEM is 

commonly used in practice, these back-analyses aim to evaluate its effectiveness in predicting 

slope failures and capturing failure mechanisms within the slope. All numerical back-analyses 

were conducted using PLAXIS 2D, a commercially available finite element software package 

(Bentley Systems, 2020). 

The choice of constitutive model in numerical back-analyses is critical, as it directly influences 

the simulation of soil behaviour. The model governs the soilôs response to changes in stress and 

deformation, including aspects such as elasticity, plasticity, dilatancy, and strain-hardening or 

-softening. 

Jefferies & Been (2016) stated that the critical state soil mechanics (CSSM) framework 

(Section 2.3) provides a robust basis for predicting soil behaviour. Jefferies (1993) developed 

the NorSand constitutive model, based on the CSSM framework, as an extension to traditional 

CSSM concepts, which were initially focused on fine-grained soils such as clays. NorSand was 

designed to better capture the behaviour of coarse-grained soils, such as sands. Although it is 

named "NorSand," Shuttle & Jefferies (2010) explained that the model is applicable to any soil 

where contact forces, rather than cohesion, dominate particle-to-particle interactions. 

While NorSand builds upon the CSSM foundation laid by the Cam-Clay model 

(Roscoe et al., 1963), it introduces key modifications tailored to the distinct behaviour of sands. 

The most notable adaptation is the incorporation of the state parameter, ‪, (Section 2.3.6), 

which is essential for predicting the volumetric response of coarse-grained soils during 

shearing. While the Cam-Clay model is conceptualised within the CSSM framework, it 

primarily addresses normally consolidated and overconsolidated clays and does not account for 

changes in the yield criterion due to variations in the state parameter, making it less suited to 

sands where initial density (dense or loose) strongly influences behaviour. NorSand utilises 

changes in the state parameter during shearing (Fig. 5-12(a)) to dynamically adjust the yield 

surface (Fig. 5-12(b)) and the stress-dilatancy relationship (Fig. 5-12(c)), discussed further in 

the next section), enabling the model to simulate both contractive and dilative behaviour in 

sands. 
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Figure 5-12: Evolution of (a) the state parameter; (b) the yield surface; (c) dilatancy in 

the NorSand model for a loose sample during undrained shearing (modified from 

Woudstra, 2021). 
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NorSand also uses an ñimage conditionò, indicated by the subscript ñiò in Fig. 5-12. The image 

condition is a mechanism that ensure the soilôs stress state remains consistent with the evolving 

yield surface and the critical state framework. The yield surface in NorSand is not fixed but 

changes in size and shape depending on the state parameter and stress history. The image 

condition acts as a constraint, ensuring that the stress state, representing the forces acting within 

the soil, stays aligned with the appropriate position on or near the yield surface as the soil is 

loaded and sheared. This condition is particularly important because it allows NorSand to 

accurately model soil behaviour under varying densities, predicting whether it will dilate or 

contract.  

NorSand also departs from Cam-Clay by replacing its single normal consolidation line (NCL) 

with an infinite set of NCLs, each dependent on the current state (Fig. 5-13). This adjustment 

allows NorSand to accommodate the broad range of initial densities and states observed in 

sands, dynamically representing both loose and dense conditions ï an adaptability that the fixed 

NCL of Cam-Clay cannot achieve. 

 

Figure 5-13: Comparison of the normal consolidation line idealisation in the (a) Cam-Clay 

model; (b) real sand and NorSand behaviour. 
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inappropriate for sands. The stress-dilatancy relationship is further explored in the following 

section. 

The versatility of NorSand, capturing a wide spectrum of sand behaviour from loose, 

contractive states to dense, dilative states, has made it a robust model. It accurately reflects the 

impact of stress path and loading history on soil response, enabling the simulation of complex 

loading conditions (e.g. Morgenstern et al., 2016; CIMNE, 2021; OôBrien et al., 2021; Babaki 

& Tannant, 2024).  

The NorSand constitutive model was selected for this study based on its strong theoretical 

foundation in critical state soil mechanics and its demonstrated capacity to capture key 

behaviours relevant to tailings dam stability; notably, contractive response, undrained shearing, 

and the triggering of drained or undrained instability. The model is also widely used in South 

African geotechnical practice, particularly in projects involving tailings dam risk assessment, 

making it a practical and industry-relevant choice. 

While NorSand has proven effective in simulating the conditions leading up to failure, 

including instability onset, it does not explicitly simulate post-failure mechanisms such as shear 

band propagation, strain softening, or large-deformation runout, which are critical for 

evaluating the full consequences of tailings dam failure. Models such as PM4Sand (Boulanger 

& Ziotopoulou, 2015) and UBCSand (Byrne et al., 2004) were developed with these post-

liquefaction behaviours in mind and may offer improved predictive capability in this regard. A 

comparison with such models was beyond the scope of the current work, but their application 

is recommended for future studies that aim to assess post-failure runout or large-deformation 

behaviour. In view of these strengths, the NorSand model was selected as the constitutive model 

for this study, as the triggering of instability was the main focus. 

5.4. CALIBRATION OF NORSAND MODEL  

The NorSand constitutive model, employed in this study, includes ten parameters grouped into 

three categories: 

1. Critical state line: ῲȟ‗ȟὓ 

2. Elasticity: Ὃ ȟάȟ’ 

3. Plasticity: ὔȟ… ȟὌȟὌ  

To calibrate these parameters, this study followed the procedure recommended by 

Shuttle & Jefferies (2010), with calibrated parameters summarised in Table 5-2. The 
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calibration procedures and derivation of these parameters are described in detail in Sections 

5.4.1 to 5.4.3. 

Table 5-2: Calibrated parameters for NorSand model. 

Parameter Value 

Void ratio of the CSL at ὴ ρ Ὧὖὥ, ῲ 0.8698 

Slope of the CSL in the Ὡ ÌÎὴᴂ space, ‗ 0.0202 

Critical state ratio, ὓ 1.329 

Reference elastic shear modulus, Ὃ  20 MPa 

Elastic exponent, ά 0.5475 

Poissonôs ratio, ’a 0.3 

Volumetric coupling coefficient, ὔ 0.238 

State-dilatancy parameter, … a 3.5 

Plastic hardening modulus (base value), Ὄ  130.1 

Plastic hardening modulus, Ὄ Ὢ‪  1439 

a Jefferies & Been (2016). 

Sixteen isotropically consolidated triaxial compression tests were conducted on Cullinan sand 

for model calibration: ten undrained (CIU) and six drained (CID), with effective confining 

pressures indicated in Table 5-3. For specimen preparation, oven-dried sand was moistened to 

a 4% gravimetric water content, sealed for at least 24 hours for moisture equilibration, and 

compacted using moist tamping in six 20 mm layers in a suction mould, using the under-

compaction method (Ladd, 1978). This resulted in specimens of 70 mm in diameter and 140 

mm in height. A membrane and porous discs were applied. Fig. 5-14 shows a prepared 

specimen prior to placement in the triaxial cell. 

It should be noted that standard end platens were used in the triaxial apparatus, as enlarged or 

lubricated platens were not available at the time of testing. While this setup may introduce some 

boundary friction, particularly affecting strain localisation and stress distribution near the 

specimen ends, the test results remained consistent and showed clear behavioural trends. The 

potential influence of end restraint is acknowledged in the interpretation of the data and is 

particularly relevant in the context of dense specimens or tests approaching peak strength. This 

limitation is common in many triaxial testing setups and does not invalidate the results, though 

it may introduce some uncertainty in shear band development or precise strain paths. 
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Table 5-3: Summary of triaxial compression tests conducted on Cullinan sand. 

Test ID Test type Void ratio after 

consolidation, Ὡ 

Maximum effective 

consolidation pressure (kPa) 

Effective consolidation pressure 

at start of shearing (kPa) 

Initial state 

parameter, ‪  

Void ratio after 

test, Ὡ 

TX1 CIU200 0.855 200 200 0.092 0.855 

TX2 CIU400 0.824 400 400 0.075 0.824 

TX3 CIU100 0.865 100 100 0.088 0.865 

TX4 CIU50 0.886 50 50 0.097 0.886 

TX5 CIU100 0.853 100 100 0.076 0.853 

TX6 CIU100 0.796 400 100 0.019 0.796 

TX7 CIU200 0.766 300 200 0.003 0.766 

TX8 CIU400 0.749 400 400 0.035 0.749 

TX9 CIU600 0.789 600 600 0.048 0.789 

TX10 CIU800 0.744 800 800 0.009 0.744 

TX11 CID400 0.773 400 400 0.025 0.741 

TX12 CID600 0.777 600 600 0.037 0.727 

TX13 CID50 0.796 550 50 0.005 0.781 

TX14 CID50 0.676 800 50 -0.115 0.730 

TX15 CID100 0.702 850 100 -0.075 0.746 

TX16 CID150 0.698 900 150 -0.070 0.764 
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Figure 5-14: Cullinan sand triaxial specimen prepared using the moist tamping method. 

Fig. 5-15 depicts the GDS Instruments triaxial apparatus used. Once a specimen was in the cell, 

de-aired water filled the cell and an effective confining pressure of 15 kPa was applied. Flushing 

with de-aired water continued under gradually increasing cell and back pressures until the back 

pressure reached a minimum of 200 kPa, maintaining a 15 kPa effective pressure. Satisfactory 

saturation was indicated by a Skempton B-value (Skempton, 1954) of 0.96. Adjustments in the 

cell and back pressures were made as necessary to achieve a satisfactory level of saturation. 

Specimens were then isotropically consolidated to the target effective stress, as outlined in 

Table 5-3, which also lists maximum and shearing effective confining pressures. To calibrate 

the NorSand model, dilative responses are required from a series of drained triaxial tests. 

However, specimens that were normally consolidated could not be prepared in a dense enough 

state to achieve such a response. Thus, some specimens were compacted as densely as possible 

by hand and then overconsolidated to the pressures shown in Table 5-3. Once the loose 

specimens were saturated and consolidated, shearing started. In general, the void ratio after 

consolidation for the drained specimens differed from undrained specimens, as the samples 

were compacted to higher initial densities. 
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No membrane penetration correction was applied. However, this is expected to have a 

negligible influence on the measured shear strength of the Cullinan sand used in this study due 

to the plastic nature of the failure (Bishop & Henkel, 1962). Membrane penetration effects are 

more significant in coarse materials with large interparticle voids, or where shear planes form, 

which were not characteristic of the specimens here. The resistance of the latex membrane was 

not corrected for, as it is typically minimal for the specimen sizes and membrane thicknesses 

used and does not significantly affect the stress-strain response in sandy soils. 

The triaxial load frame was automatically controlled. During consolidation, the piston was 

automatically kept in contact with the top cap of the triaxial sample, with the maximum 

measured load on the load cell not exceeding 5 N, which was deemed negligibly small. Standard 

triaxial end platens were used. No enlarged or lubricated platens were applied.  

An important aspect of the triaxial tests to note is how the void ratios at the end of consolidation 

and after the tests were determined. Following all tests, the specimens were squeezed to at least 

600 kPa effective confining pressure after the test, following Verdugo & Ishihara (1996). This 

was done, as some of the loose specimens had liquefied during shearing. Squeezing the samples 

made handling the specimens easier following the tests. The specimens were then removed 

from the cells, after which the saturated mass of the specimens was measured. The sand was 

subsequently oven dried to determine the dry mass, which was used to determine the post-

squeezing void ratio. The void ratio at the start of shearing was then back calculated using the 

measured volume change from the pressure controllers of the triaxial setup. The pressure 

controllers have an accuracy of 1 mm3, which was deemed sufficient for back calculating the 

void ratios.  

Shuttle & Jefferies (2010) advise calibrating the NorSand model using drained and undrained 

tests on dense specimens. In this study, specimens were compacted to the lowest possible void 

ratio (just above 0.8) by means of moist tamping, remaining on the wet side of the CSL. Dense 

specimens were consolidated to higher confining pressures before being unloaded to shearing 

pressures. All shearing stages were conducted at a rate of 0.1 mm/min to ensure fully drained 

conditions in drained tests, allowing sufficient time for pore pressure dissipation. In undrained 

tests, the shearing rate is less critical, as drainage is prevented by boundary conditions. The rate 

is consistent with typical values used in triaxial testing of sandy soils. During tests, axial 

displacement, pore pressure, cell pressure, and axial load were measured. Volume change was 

tracked in drained tests, and void ratio at test completion, Ὡ,was calculated after oven drying. 
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Figure 5-15: GDS Instruments triaxial setup. 

5.4.1. Critical state parameters 

The CSL was determined for the Cullinan sand. Figs. 5-16 and 5-17 illustrate the CSL in the 

ή ὴᴂ and Ὡ ÌÎὴᴂ plane, respectively. Fig. 5-16(a) shows the CSL determined from all of 

the triaxial tests (drained and undrained). Fig. 5-16(b) focuses on the effective stress paths of 

just the undrained triaxial tests. It is evident that even the overconsolidated specimens showed 

some form of strain-softening, albeit followed by phase-transformation and strain-hardening. 

However, the triaxial tests highlight the liquefaction potential of the sand used in this study, 

emphasising that the sand is susceptible to brittle behaviour under undrained conditions and 

potentially susceptible to full static liquefaction if prepared in a loose enough state. The critical 

state parameters are summarised in Table 5-2.  
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Figure 5-16: (a) Critical state line of Cullinan sand in the q-p' plane determined from 

effective stress paths from drained and undrained triaxial tests; (b) effective stress paths 

of undrained triaxial tests. 
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Figure 5-17: Critical state line for Cullinan sand in the state diagram determined from 

drained and undrained triaxial compression tests. 

5.4.2. Elasticity parameters 

The second class of parameters, the elasticity parameters, which are the reference elastic shear 

modulus, Ὃ , elastic exponent, ά, and Poissonôs ratio, ’, were determined using bender 

elements that were at the top and bottom of a specimen in a triaxial setup. To determine the 

shear modulus, Ὃ, at varying effective stresses, a triaxial sample was prepared at a void ratio 

of 1.0, saturated, and consolidated to an initial effective confining pressure of 50 kPa, then 

stepwise to 590 kPa, using the methodology discussed above. Here, the shear wave velocity, 

ὠ, was measured in the specimen at each confining pressure, which was used to calculate the 

shear modulus using the following equation: 

Ὃ ”Ͻὠ          (5.3) 

Fig. 5-18 shows the relationship between shear modulus and mean effective stress for the 

Cullinan sand. The reference elastic shear modulus used in this study is the shear modulus 

measured at a reference effective confining pressure of 100 kPa, which is 40 MPa. The elastic 

exponent, which governs how soil stiffness varies with changes in effective stress, is 0.5475. 

However, as noted by Shuttle & Jefferies (2016), Reid & Smith (2021) and Ng et al. (2023), 

using the measured reference elastic shear modulus can result in a too stiff predicted response 

and it is recommended to reduce it by up to a factor of four. A Ὃ  value of 20 MPa was 

adopted in this study, as it produced the best fit for the predicted values. A Poissonôs ratio of 

0.3 was assumed (Jefferies & Been, 2016). 




































































































































































































































































































































